
15  STEEL DESIGN 
AND ANALYSIS 
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a 
A 
b 
c 
C 
C, 

stiffener spacing 
area 
width 
distance to extreme fiber 
coefficient 
critical slenderness ratio 

m 
in2 
in 
in 
— 
— 

d depth or diameter in 

D outside diameter in 

e eccentricity in 

E modulus of elasticity psi 

f actual stress ksi 

F strength or allowable stress ksi 

g gage spacing in 

G end condition coefficient 
H horizontal force kips 

I area moment of inertia in4 

J polar moment of inertia in4  

k flange to web toe fillet distance, 
or spring constant in, or lbf/in 

K end restraint coefficient — 

1 length between supports in 

L length or distance in 
M moment ft-kips 

n modular ratio 
N bearing length in 

P force lbf 
r radius of gyration, radius, 

or distance in 

Rip weld strength (resistance) kips/in 

s pitch spacing in 
S section modulus in3  

SR slenderness ratio 

1 This chapter cannot serve as a. complete substitute for the 
American Institute of Steel Construction's Manual of Steel Con-

struction or its accompanying Specifications. Throughout this 
chapter, references to the AISC Specifications, 9th edition, are 

listed in bold, square brackets. For example, [H1-3] is a reference 

to equation H1-3 in the Specifications, not to equations in this 
book. Also, tables, figures, and appendices listed in italic are 
part of the AISC Manual or Specifications. Thus, the Allowable 

Stress Design Selection Table would not be found in this volume. 

t thickness in 

T tension kips 
U reduction coefficient — 

V shear kips 

w weld size in 

Z plastic modulus in3  

Subscripts 

a axial 
b bracing or bending 
c centroidal or concrete 
cr critical 
e effective or edge 
f flange 
g gross 
n net 
p bearing or plastic 
s secondary or steel 
st stiffener 
t tension 
u ultimate or unbraced 
v shear 
w web 
y yield 

1 REVIEW OF STEEL NOMENCLATURE 

It is traditional in steel design to use the upper case let-
ter F to indicate strength or allowable stress. Further-
more, such strengths or maximum stresses are specified 
in ksi (i.e., 1000's of psi). For example, Fy  = 36 would 
imply a steel with a yield strength of 36 ksi. Similarly, 
F„ is the allowable shear stress, and Fb is the allowable 

bending stress, both in ksi. 

Actual or computed stresses are given the symbol of 
lower case f.  computed stresses are also specified in 
ksi. For example, h is a computed tensile stress in ksi. 

The symbol a is never used. 



multiply by 	to obtain 

ft-kips 1.356 kN-m 
ft-lbf 1.356 N-m 
in-lbf 0.113 N-m 
kips 4.448 kN 
kips 1000 lbf 
kips/ft 14.59 kN/m 
kips/ft 2  47.88 kN/m2  
kN 0.2248 kips 
kNim 0.06852 kips/ft 
kPa 1000 Pa 
ksi 6.895 EE6 Pa 
lbf 0.001 kips 
lbf 4.448 N 
N-m 0.7376 ft-lbf 
N-m 8.851 in-lbf 
N-m2  1 Pa 
Pa 1.0 N/m2  
Pa EE-6 MPa 
Pa 0.001 kPa 
Pa 1.45 EE-7 ksi 
Pa 1.45 EE-4 psi 
Pa 0.02089 psf 
psf 47.88 Pa 
psi 6.895 EE3 Pa 

3 TYPES OF STEELS 

ASTM A36 is the designation given to the all-purpose, 
carbon steel used for most projects. Most A36 shapes 
are hot rolled. 

Other steels have higher strengths. Their use results in 
lower dead weights but higher material costs. The com-
monly available steels and their applications are listed 
in appendix A. 

W, M, and HP 	S beams 	 angles 
shapes 

—1 

— 1  

tees 	 channels 
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6 STANDARD COMBINATIONS 	 • Not every plate exists in the larger thicknesses. 

OF SHAPES 	 Unless special plates are called for, the following 
thickness guidelines should be used: 

Figure 15.2 illustrates several combinations of shapes 
that are used in construction. The double angle com-
bination is particularly useful for carrying axial loads. 
Combinations of W shapes and channels, channels with 
channels, or channels with angles are used for a vari-
ety of special applications, including struts and light 
crane rails. Properties for certain combinations have 
been tabulated in the A ISC Manual. 

1/32" increments up to 1/2" 
1/16" increments from 9/16" to 1" 

1/81  from 1 I" to 3" 

1/4" increments for 3 1" and above 

Example 15.1 

A W 30x124 shape must be reinforced to achieve the 
strong-axis bending strength of a W 30x173 shape by 
welding plates to both flanges. All steel is A36. The 
plates are welded continuously to the flanges. What 
size plate is required if all plate sizes are available? 

Table 15.1 
Properties of A36 Steel 

E, modulus of elasticity: 2.9 EE7 psi (up to 100°F) 
G, shear modulus: 
a, coefficient of thermal 

expansion: 

11.5 EE6 psi 

6.5 EE-6 1/°F 
p,, Poisson's ratio: 0.30 
p, density: 490 lbm/ft 3  
Fy , yield strength: 36 ksi (to 8" thickness 

inclusive) 
32 ksi (over 8" thickness) 

Fe., ultimate strength: 58 ksi (minimum) 
Fe , endurance limit: approximately 30 ksi 

15-2 

2 CONVERSIONS 

CIVIL ENGINEERING REFERENCE MANUAL 

Figure 15.1 Structural Shapes 

4 STEEL PROPERTIES 

Some properties of steel (such as the modulus of elastic-
ity and density) are essentially independent of the type 
of steel. Other properties (such as the ultimate and 
yield strengths) depend not only on the type of steel 
but also on the size or thickness of the piece. 

5 STRUCTURAL SHAPES 

Many different structural shapes are available. 	The 

Occasionally, it will be desirable to provide additional 
bending or compressive strength to a shape by adding 
plates. It is generally easy to calculate the properties 
of the built-up section from the properties of the shape 

identifying dimension and weight must be appended to and plate. No stress calculations are necessary. The fol- 

the designation to uniquely identify the shape. For ex- lowing characteristics can be used when it is necessary 

ample, W 30x 132 means a W-shape with an overall to specify plate reinforcement. 

depth of approximately 30 inches and which weighs 132 
pounds per foot. i • Plate widths should not be the same as bf, due to 

difficulty in welding. Widths should be somewhat 

Table 15.2 lists structural shape designations. 
larger or smaller. It is better to keep plate width 
as close to bf as possible, as width-thickness ratios 

Table 15.2 
specified in the AISC Manual may govern. 

Structural Shape Designations • Width and length tolerances smaller than 1/8" are 
I not practical. 	Table 15.3 should be used when 

shape 	 designation 

i 

specifying the nominal plate width. 

Table 15.3 
wide flange beams 	W 
standard flanged beams 	S 
misc. flanged beams 	M 

Width Tolerance for Small Universal Mill Plates 

American std. channels 	C 
bearing piles 	 HP width (inches) 

angles 	 L thickness 	8-20, 	20-36 	36 and 

tees 	 ST or WT (inches) 	excl. 	excl. 	above 

(cut from S or W) 0-3/8, excl. 	1/8 	3/16 	5/16 

plate 	 PL 3/8-5/8, excl. 	1/8 	1/4 	3/8 
bar 	 bar 5/8-1, excL 	3/16 	5/16 	7/16 

pipe 	 pipe 1-2, incl. 	1/4 	3/8 	1/2 

structural tubing 	TS 2-10, incl. 	3/8 	7/16 	9/16 

<124 

The moments of inertia are 8200 in 4  and 5360 in4  for 
the two beams. The difference in bending resistance to 
be provided by the plates is 

/plates  = 8200 — 5360 = 2840 in4 	. .• 

For ease of welding, assume the plate thickness will be 
approximately the same as the flange thickness. tf  = 
0.930", so choose a plate thickness of 1.0". 

The centroidal moment of inertia of the two plates act-
ing together is 

w(1) 3 1 	w 
-Te,piates = 2 	12 j 

-= —
6 

The depth of the W 30 x124 beam is 30.17". Therefore, 
the distance from the neutral axis to the plate centroid 
is 

30.17 	1 
	+ = 15.585" 

2 	2 

By the parallel axis theorem, the moment of inertia of 
the two plates about the neutral axis is 

/plates = 	+ (2)(w)(1)(15.585) 2  = 486.0w 

The required moment of inertia is 2840. Therefore, 

2840 
W -= 	 = 5.84" 

486 	
(say 6'') 

Figure 15.2 Typical Combination Sections 	 15.585" 

7 REINFORCEMENT OF MILL SHAPES 

— 
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8 FATIGUE LOADING 
The effects of fatigue loading are generally not consid-
ered except for the case of connection design. If a load 
is to be applied and removed less than 20,000 times (as 
would be the case in a conventional building), no pro-
vision for repeated loading is necessary. (20,000 times 
is roughly equivalent to two times a day for 25 years.) 
However, some designs, such as for crane runway gird-
ers and supports, must consider -the effects of fatigue. 
Design for fatigue loading is covered in Appendix 1f4 of 
the AISC Specifications. 

9 ALLOWABLE STRESSES FOR IMPACT, 
WIND, AND EARTHQUAKE LOADS 

The effects of impact are included by increasing the ac-
tual live load (but not the dead load) by the percentages 
contained in table 15.4. 

Table 15.4 
Impact Loading Factors 

supports for 	 % live load increase 
elevators 	 100 
cab operated travel cranes 	25 
pendant operated travel cranes 	10 
shaft or motor-driven machinery 20 t.inimum 
reciprocating machinery 	50 minimum 
floors and balconies (hangars) 	33 

Most allowable stresses, including those for connectors, 
columns, and beams, may be increased 1/3 for tran-
sitory wind and earthquake loading. This increase is 
applied to all stresses in the problem, not just the wind-
or earthquake-induced stresses. The increase cannot be 
applied in fatigue loading problems. Also, the calcu-
lated section area cannot be less than the area required 
to carry the dead and live loads alone (without the 1/3 
increase). 

10 THE MOST ECONOMICAL SHAPE 

Since a major part of the cost of using a rolled shape in 
construction is the cost of the raw materials, the lightest 
shape possible which will satisfy the structural require-
ments should always be used. Thus, generally speak-
ing, the most economical beam is the structural shape 
that has the lightest weight per foot and that has the 
required strength. (ASTM A572 grade 50 steel is ap-
proximately 35% stronger than ASTM A36 steel, but it 
costs only approximately 14% more than A36 steel. For 
beams whose designs are not driven by deflection cri-
teria (as is usually the case in composite construction), 
ASTM A572 grade 50 steel will yield the more econom-
ical section.) The beam selection table and chart are 
designed to make choosing economical shapes possible. 

11 COMPACT SECTIONS 
Compact sections have thicker webs and flanges than 
non-compact sections. Therefore, compact sections are 
afforded higher allowable stresses in many instances. To 
be compact, the flanges of a beam must be continuously 
connected to the web. Therefore, a built-up section or 
plate girder constructed with intermittent welds will not 
qualify. In addition, two conditions apply to standard 
rolled shapes without flange stiffeners. (Equation 15.2 
applies only to webs in flexural compression.) 

b f < P 
2tf 

15.1 V7F; 

d 	640 
\try 	

15.2 

Compactness, as equations 15.1 and 15.2 show, depends 
on the steel strength. Most rolled W shapes are com-
pact at lower values of F. However, a 36 ksi beam may 
be compact, while the same beam in 50 ksi steel may 
not be. The shape tables contain columns (1; and Fr) 
that indicate the yield strengths at which the beams 
become non-compact due to the two conditions. 

12 BEAM BENDING PLANES 

The property tables for W shapes will show that each 
beam has two moments of inertia, Ix  and Iv . It is easy 
to use the wrong value, as there are several ways of 
referring to the plane of bending. 

Figure 15.3 Beam Bending Planes 

Figure 15.3(a) shows a W shape beam used as it is typi-
cally. The value of Ix  should be used to calculate bend-
ing stress. This bending mode is referred to as "... 
loading in the plane of the web ..." . However, it is also 
referred to as "... loading in the plane of the weak axis 
..." , which is confusing. 

Figure 15.3(b) shows a W shape "... bending about the 
minor axis ...". This mode is also referred to as "... 
loading in the plane of the strong axis ...". 

13 LATERAL BRACING 

To prevent the lateral buckling illustrated in figure 15.4, 
a beam's compression flange must be supported at fre-
quent intervals. Complete support is achieved when a 
beam is fully encased in concrete or has its flange welded 
or bolted along its full length. In many designs, how-
ever, the lateral support is at regularly spaced intervals. 

original 
position 

buckled 
position 

(greatly exaggerated) 

Figure 15.4 Lateral Beam Buckling 

Lateral bracing is assumed to be provided if the com-
pression flange is adequately supported. Such support 
is assumed to exist at all reaction points and at the 
point where the compression flange is bolted or welded 
to another member. Full lateral support of the beam's 
top flange is considered to have been provided when 
welded studs are used. However, simple clips between 
steel girders and precast concrete floors are not consid-
ered to provide sufficient lateral support. 

The actual spacing between lateral bracing is desig- 
nated as Lb. For the purpose of determining allowable 
stresses, two limits are placed on the spacing: L c  and 

L. A higher allowable bending stress in beams is al-
lowed if the actual spacing is less than Le , as given by 
the lesser of equations 15.3 and 15.4. [Sections F1.1 and 
F1.3] 

76b f 
I —  	-c — 	(inches) 	 15.3 

N/Fy  

20 000Cb 
L = 	 (inches) 	15.4 

c 	d 

	

f 	Y  

bf and the ratio d/Af are both tabulated for each 
beam. 2  The moment gradient multiplier, Cb, is almost 
always assumed to be 1.0 (the conservative case). Cb is 

never used with L. (See Appendix D of this chapter.) 

2  It is seldom necessary to actually calculate L e  and L i, for rolled 
shapes with standard values of Fy , since the Allowable Stress 

Design Selection Table lists these values.  

concrete 	Lb 
slab 	 - 

girder 

column 

Figure 15.5 Compression Flange Bracing 
Using Headed Studs 

14 BEAM DEFLECTIONS 

Steel beam deflections are calculated using traditional 
beam equations. Deflection limitations are typically 
unique to each design situation. The AISC Com-
mentary suggests, but does not require, some general 
guidelines to maintain appearance and occupant confi-
dence in a structure. 3  Chapter L of the AISC Commen-
tary suggests the following guidelines: 

• The depths of fully-stressed floor beams and gird- 

	

ers should not be less than 	/800 times their 
spans. 

• The depths of fully-stressed roof purlins should ndi 
be less than Fy  /1000 times their spans. 

• To attenuate floor vibrations, the depths of steel 
beams should not be less than 1/20 of their spans. 

The ratio is 1/360 for live load deflections of beams 
supporting plastered ceilings. 

15 BENDING STRESS IN STEEL BEAMS 

Elastic design and analysis of one-span beams is carried 
out with simple bending theory equations. Unless the 
beam is very short, it should be sized or analyzed with 
the flexure stress equation and subsequently checked for 
shear. Since both c and / are constant for any specific 
beam, the section modulus S can be used from the AISC 
tables. 

„ 
= = 

Mc Md _ M 
15.5 

3  Special provisions in AISC Commentary K2 are used to check 
for ponding on flat roofs. 



cross 
section 
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16 ALLOWABLE BENDING STRESS 

A. W-SHAPES BENDING ABOUT MAJOR AXIS 

For W-shapes loaded in the plane of their webs and 
bending about the major axis, the allowable bending 
stress will be 0.66F or less. If Lb < L,, or if the bracing 
is continuous, and the beam is compact, the allowable 
stress is 0.66Fy . 

If L.„ > Lb > Lc, then the basic bending allowance of 
0.60Fy  applies. 

If Lb > L., or if there is no bracing at all between 
support points, then the allowable bending stress is less 
than 0.60Fy . Equations [F1-6], [F1-7], and [F1-8] 
must be used to determine the actual value of Fb. 4  

B. WEAK-AXIS BENDING 

If a doubly-symmetrical rolled shape is placed such that 
bending will occur about its weak axis, the allowable 
bending stress is 0.75Fy . 6  The shape must be compact, 
and other conditions may also apply. However, this is 
not an efficient use of the beam, so this configuration is 
seldom used.6  

0.75F is also the allowable bending stress for solid 
square, solid round, and solid rectangular shapes bend-
ing about the weak axis. 

C. INTERMEDIATE CASES 

For both strong-axis and weak-axis bending, special 
cases exist for non-compact beams with Lb < L. In 
such instances, the so-called blending formulas ([F1-3] 
and [F1-4]) are used to produce intermediate values of 
Fb.7  

17 SHEAR STRESS IN STEEL BEAMS 

Only the web is assumed to carry shear in W shapes. 
The statical moment concept is almost never used in 

4  Actually, the allowable tensile bending stress remains at 0.60Fb. 
Only the allowable compressive bending stress is reduced. For 
traditional design using symmetrical shapes, however, the tensile 
stress and the compressive stress are the same. 

5 
It may seem curious that Fb is larger for bending about the 

weak axis. The reason is to account for different failure modes. 
About the strong axis, the beam will fail by buckling of the com-
pression flange and twisting about the minor axis. When bent 
about the weak axis, the beam fails by yielding. 

6 
Nevertheless, weak-axis bending may occur, particularly in the 

case of beam-columns. Allowable stress for weak-axis bending is 
a factor in interaction equations such as equation 15.48. 

7  The name blending formula is used because the allowable stress 
for strong-axis bending will be between 0.60F5  and 0.66F. 

steel design, and the average shear stress is compared 
against the shear stress limitations. 

flange 

flange 

Figure 15.6 A Steel Beam 

The average shear stress in the web is 

, V 	V 
= — = 	 15.6 j 

 maximum allowable shear stress in the web of a 
beam is 17,, = 0.40Fy .8  

18 LOCAL BUCKLING 6  

Local buckling is a factor in the vicinity of large con-
centrated loads. Such loads may occur where a column 
frames into a supporting girder, or at reaction points. 
Vertical buckling and web crippling, two types of local 
buckling, can both be reduced or eliminated by use of 
stiffeners. 

(a) 	 (b) 
vertical 	 web I 

buckling 	 Crippling 

Figure 15.7 Local Buckling 

If the load is applied uniformly over a large enough area 
(say, along N inches of beam flange or more), no stiff-
eners will be required. If the maximum stress at the toe 
of the beam fillet is to be kept below 0.66.Fy , the mini-
mum length, N, is specified by equation 15.7 ([K1-2]) 
for interior loads, and equation 15.8 ([K1-3]) for re-
actions at beam ends. k is the flange-to-web toe fillet 
distance tabulated in the shape tables. 

load 
Nmin 

=0.66Fyt 	
5k (interior) 	15.7 

w  

reaction 

Nmin  0.66F9tn, 2.5k (ends) 
	15.8 

8 	. 
Different limitations apply to shear stress in plate girders, bolts, 

and rivets. 

9 
Lateral buckling has been covered previously.  

Figure 15.8 End and Interior Bearing Stiffeners 

Intermediate stiffeners (i.e., web stiffeners spaced 

throughout a stock rolled shape) are never needed with 
rolled shapes, but are typically present in plate gird-
ers. (For built-up beams, diagonal buckling require-
ments should also be checked.) 

Bearing stiffeners are typically web stiffeners con-

structed as plates welded to the webs and flanges of 

rolled sections. Flange stiffeners are typically angles 

placed at the web-flange corner used to keep the flange 
perpendicular to the web. Flange stiffeners cannot be 
used in place of bearing stiffeners. 

-111- Cr' 

Figure 15.9 Flange Stiffening 

19 BEAM DESIGN AND ANALYSIS 

Steel beams can be designed and analyzed with allow-

able stress or plastic design procedures.°  Simple one-
span beams are usually designed by the allowable stress 
method since there is no advantage to using load factor 
design procedures for single-span beams. 

Beams are almost always constructed from Fy  = 36 or 

Fy  = 50 ksi steel. 

10 The allowable stress method is also known as elastic design 

and working stress design. The load factor method is also known 

as plastic design and ultimate strength design. Load factor design 
is also appropriate when design must be "... in accordance with 
Chapter N of the AISC Specifications . . ." 

Both beam design and analysis by the allowable stress 
method have the same standard procedures: 

• Check or design for bending stress' 

• Check shear stress 

• Check deflections 

• Check compactness (unnecessary if beam table or 
beam chart was used) 

• Design for local buckling 

20 BEAM DESIGN BY TABLE AND CHART 

Since a trial and error solution to a design problem 
would be time consuming, the AISC Manual provides 

two simple methods of choosing beams: the Allowable 

Stress Design Selection Table and the Allowable Mo-

ments in Beams Chart. 

A. BEAM TABLE USE 

The Allowable Stress Design Selection Table is easy to 

use, and it provides a method of quickly selecting eco-
nomical beams. Its use assumes that either the required 

section modulus, S, or required resisting moment, MR, 
is known, and uses one or the other of these criteria to 
select the beam. It does not check shear stress or de-
flection, and it is up to the designer to make sure that 

Lb < L 0. 

Beams are arranged in groups in the beam selection ta-
ble. Within a group, the most economical shape will 
be listed at the top in bold print. This is the beam 
that should generally be used, even if the moment re-

sisting capacity and section modulus are greater than 
necessary. The weight of the most economical beam will 
be less than the beam in the group which most closely 
meets the structural requirements. 

Care must be taken not to confuse the 50 ksi columns 
with the 36 ksi columns. Both steel strengths are listed 
in the table, and it is easy to use one when the other is 

needed., 

B. ALLOWABLE MOMENTS CHART 

When the unbraced length, Lb, is greater than L,, the 

Allowable Moments in Beams chart should be used. 

The chart for 36 ksi steel can be used with unbraced 
lengths up to 108 feet. Each beam that is plotted on 
the chart is shown with a profile similar to that in figure 

15.10. 

11  If the live load is known but the self-load of the beam is not, 
it will be necessary to assume a beam weight prior to the selec- 
tion. A second iteration can be used to obtain a different beam 
if necessary. 

411/mmas..- 
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21 PLASTIC BEAM DESIGN 

A. BASIC PROCEDURE13  

Plastic design, also known as ultimate strength design, 
is based on comparing a factored moment to the ulti-
mate capacity of the beam. The design is accomplished 
without stress calculations. 

Plastic design is ideally suited to continuous beams 
and frames, and is not normally used with single-span 
beams. It must not be used with non-compact shapes, 
crane runway rails, A514 steel, or steels with yield 
strengths in excess of 65 ksi. 

step 1: Multiply the dead and live loads by 1.7 to 
obtain the factored loading on the beam. 14  

factored load=--- 1.7 x dead load 

-I- 1.7 x live load 	15.9 

step 2: Based on the factored loading, calculate the 
maximum (plastic) moment, M. (This mo-
ment cannot be calculated from elastic mo-
ment diagrams.) 

step 3: If beam selection is to be made according to 
the required plastic section modulus, calcu-
late Z. 

Zz  = 	 15.10 Fy  

step 4: Use the Plastic Design Selection Table in the 
AISC Manual to select an economical beam. 
Use of this table is similar to that of the 
Allowable Stress Design Selection Table. 

step 5: Check that the maximum factored shear 
based on plastic failure does not exceed the 
allowable shear ([N5-1]). 

Vfactored, max = 5. 0.55Fytw d 	15.11 

step 6: Specify web (intermediate) stiffeners at load- 
ing points where plastic hinges are expected. 

step 7: Determine lateral bracing requirements. 
Compression flange support (lateral bracing) 
is required at points where plastic hinges 
will form. In addition, the distance between 
points of lateral support must be less than 

13  The procedure presented here for beam selection assumes that 
the Plastic Design Selection Table will be used, and therefore, 
compactness is assumed. The procedure also omits thickness ratio 
checks that must be performed when the beam carries axial loads 
in addition to its transverse loading. 

14  Other factors are used when wind and earthquake loads are 
present. 

allowable 
moment  

(M R ) 	fAISC F1-11 

(0.66 F 	 

IAISC F1 -2] 

(0.60 F)  	 parabolic curve 
r  (AISC eqn F1-61 

hyperbolic curve 
(AISC eqn F1-81 

dotted line section 
(lighter beams exist) 

— 
L L unbraced length

' 
L

b/Cb (or Lb/V-5h ) C 

Figure 15.10 Allowable Moments for a Single Beam 

The chart is entered knowing Lb and MR. 12  (An al-
lowance for self-weight should have been included when 
calculating MR.) The nearest solid line above the inter-
section of the Lb and MR values is the most economical 
beam. Dotted line sections mean that a lighter beam 
exists which has the same capacity. 

As with the beam selection table, shear stress and de-
flection must still be checked. Care must be taken, also, 
not to mix up the 36 ksi and 50 ksi portions of the chart. 

Example 15.2 

Select a W shape (Fy  = 36 ksi) to carry a maximum mo- 
ment of 140,000 ft-lbf. The compression flange is braced 
every 6 feet. Disregard deflection and shear stress cri-
teria. 

This problem is perfect for using the beam chart, since 
both the unbraced length and required moment are 
known. 

Entering the chart with Lb = 6' and MR = 140 ft-kip, 
a W 21 x 44 beam is selected. This beam has a moment 
carrying capacity of approximately 163 ft-kips, and sev- r- 	
eral beams were skipped which had smaller capacities, 
but which still met the 140 ft-kip requirement. How-
ever, this is the lightest beam. 

If the beam table had been used, the same beam would 
have been selected. However, it would have been nec-
essary to verify that Lb < L 0 . 

12  If unbraced length varies along the beam span, use the longest 
unbraced length with this chart. 

moment diagram and 

loading 	 locations of plastic hinges 	 governing equations 

wift 

= 
max — 

L/2 	
16 

w/ft 
n1111111111111111111111111 

,  
1- 	0.414 L I 	M max  = 0.0858 wL2  

P 

L/2 	

. 	  

L/2 

+  
3 	i 	Li2 	1  

PL 
Mmax _— 

6 

a + b = L 

'"141 abP 

2L 

Figure 15.11 Maximum Plastic Moments 

( • = plastic hinge) 
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step 3: Construct the modified base line. 	This is 
a jointed set of straight lines that meets the 

4000 lbf/ft following conditions: 
I 	I 	I 	I 	I 	I 	I 	I 	I 

A 	 A A 	 • The base line meets the horizontal axis 
at simply-supported exterior ends. 15  This 
is consistent with the requirement that 
the moment be zero at free and simply- 

25' 25' 

step 1: The factored load is supported ends. 

w = (1.7)(4000) = 6800 lbf/ft • The slope of the base line changes only at 
points of support. 

step 2: The maximum moment on an end-span of a 	 • The base lines for all spans connect at 

uniformly-loaded continuous beam is 	 points of support. 

The base line is located to minimize the max- 
Mni. = 0.0858wL2  = (0.0858)(6800)(25) 2  imum ordinate along the entire length of the 

= 3.65 EE5 ft-lbf 

step 3: The selection can be made on the basis of re-
quired plastic moment. This step is skipped. 

step 4: Entering the Plastic Design Selection Table, 
a W 24x55 beam is chosen. The capacity 
is 402 ft-kips, more than required. However, 
this is the economical beam with a capacity 
exceeding the requirements. 

step 5: The maximum shear on an end span of a 
uniformly-loaded, continuous beam is given 
by equation 15.14. 

Vmax = 0.5858wL = (0.5858)(6800)(25) 
= 99,600 lbf 

From the shape tables, d = 23.57 inches, t,„ 
= 0.395 inches. From equation 15.11, 

Vallowable = (0.55)(36, 000)(0.395)(23.57) 

= 184,341 lbf 

Since Vmax  < Vallowable, shear is not a prob- 
lem. 

D. CONSTRUCTING PLASTIC MOMENT 
DIAGRAMS 

There are several methods of determining the shape of 
the plastic moment diagram. Most of these methods are 
based on theory. The method presented here is a graph-
ical approach which can be used to quickly draw mo-
ment diagrams and locate points where plastic hinges 
will form. 

step 1: Consider the beam as a series of simply-
supported spans. 

step 2: Draw the elastic bending moment on each 
span. 

beam (along all spans). 16  Therefore, one 
span will control. 

step 4: The maximum ordinate determines M. 

step 5: Hinges form at points of maximum ordi-
nates, and wherever else required to support 
full rotation. The moments at hinges which 
form simultaneously are identical. 

Example 15.4 

Draw the plastic moment diagram for the uniformly-
loaded, two-span beam shown. 

steps 1 & 2 The moment diagram of a 
simply-supported, uniformly-loaded 
single span is drawn twice. 

horizontal axis 	1 

step 3: The modified base line is chosen to minimize 
the distance between the curved line and the 
base line. 

15 It isn't necessary for the base line to reach the horizontal axis 
at built-in ends. In fact, the moment is usually non-zero at those 
points. 

16 Don't consider the distance between the base line and the 
horizontal axis when minimizing the maximum ordinate. 

1 
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or equal to the laterally unsupported dis- 	rived from the cases in figure 15.11. Both ultimate mo- 

	

tances given by equations 15.12 ([N9-1]) and 	ments should be checked, since the interior hinges may 

	

15.13 ([N9-2]). /„ and rz, are both in inches 	form first if the span lengths are short. (The end span 

	

for these two equations, 	
hinges will form first if all spans are the same length.) 

1375 
— = — + 25 when -I- 1.0> 	> -0.5 15.12 r 	.F Y 	Y 	 Mp  

l,. 1375 — = — when - 0.5 > —m- 
> -1.0 	15.13 rY  F 	 Mp  Y 

The ultimate shear in step 5 may or may not be the 
factored shear on the beam. The shear, by definition, 
is the slope of the moment diagram. In the case of 
a uniformly-loaded beam with built-in ends, the effect 
of plastic failure is merely to move the baseline, with-
out changing the overall shape of the moment diagram. 
Since there is no change in the slope, the ultimate shear 
is merely the factored shear. 

In the case of continuous beams, however, the effect of 
plastic failure will change the slope of the lines in the 
moment diagram. Graphical or analytical means can 
be used to obtain the maximum slope. For a uniformly-
loaded continuous beam, as shown in figure 15.12, the 
maximum shear induced will be 

Step 2 requires calculating the maximum moment based 
on plastic theory. This moment is not the same as the 
moment determined from elastic theory. Figure 15.11 
can be used in simple cases to determine the ultimate 
moment, M. Locations of plastic hinges are also indi-
cated in the figure. 

A uniformly-loaded, continuous beam is a case which 
occurs frequently. The ultimate moments can be de- 

vv/ft 

A M2 _ M 2 	A M2 • M 2 	I M 2 

0.414 L l 	_ 	0.5 L2 
_ L 	 L2 

. 	  
1 	 L2 

Figure 15.12 Ultimate Moments on 
a Uniformly-Loaded Continuous Beam 

ry  is the radius of gyration of the mem-
ber about its weak axis, as determined from 
the shape table. M is the smaller (absolute 
value) moment at the two ends of the un-
braced segment. My  is the maximum plas-
tic moment on the span. M/Mp  is positive 
when the segment is bent in reverse curva-
ture (i.e., the moment diagram goes through 
zero), and negative when the segment is bent 
in single curvature. 

Some easing of the /, distance is allowed for 
the last hinge to form in the failure mecha-
nism, since having other hinges form is tan-
tamount to having the beam in failure. How-
ever, normal bracing lengths for elastic de-
sign must still be met. 

B. ULTIMATE MOMENTS 
wL Mmax  
2 	-----.L 

	

0.5858wL 	 15.14 

Example 15.3 

Use plastic design to select a W shape beam (A36 steel) 
to support dead and live loads totalling 4000 lbf/ft over 
the beam shown. The beam is simply supported at all 
three points. 

= (2- - V2) wL? 0.0858wL? 

WL2  
M2 = — 16 

C. ULTIMATE SHEARS 



M = 0.086 wL2  

,... .: 

.*. 

0.414 L 0 414 L 

Example 15.5 

Draw the plastic moment diagram for the beam shown. 

fixity (as in a free-standing sign post or flagpole). Table 
15.5 lists recommended values of K for use with steel 
columns. 2° 

Table 15.5 
End-Restraint Coefficients, K 

(Also see table 12.3) 

end #1 
, 

end #2 	 , K 

built-in built-in 	 , 0.65 
built-in pinned 0.80 
built-in rotation fixed, 

translation free 1.2 
built-in free 2.1 
pinned pinned 1.0 
pinned rotation fixed, 

translation free 2.0 
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If the right span controls, then two hinges must form 

Otfi• +
simultaneously. The moments at these two hinge points 

:;. 

git 	Nfii;:e.10 :: .:  „awl 
 1v1 	

,k4 	p 	 are equal. The base line along the left span is chosen to p base line  "N minimize the positive and negative ordinates. 
horizontal axis 

17.71-k77:1 
.4• 

•- 

step 5: If hinges form near the middle of the end 

step 4: The maximum ordinate is determined visu- 

spans, a hinge must also form over the cen- 

ally to be near the middle of the end spans. 
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ter support. Otherwise, the beam could not 
rotate in failure. 

The final moment diagram can be drawn by "straight-
ening out" the modified base line. 

22 COLUMNS WITH AXIAL LOADS 

A. INTRODUCTION 

Column design and analysis is greatly dependent on the 
Euler buckling load theory. Specific factors of safety and 
slenderness ratio limitations separate the design and 
analysis procedures from purely theoretical concepts, 
however. 

Figure 15.13 shows a W shape used as a column. The 
Iy  moment of inertia is smaller than I. Therefore, the 
beam would be said to "... buckle about the minor axis 
..." if the failure (buckling) mode is as shown. Since 
this is the expected buckling mode, bracing for the mi-
nor axis is usually provided, even if major axis bracing 
is not. 

Since the actual numerical loads are unknown, it is not 
possible to determine which of the two spans controls. 17  
If the left span controls, then three hinges must form si-
multaneously. This forces the base line to be horizontal 
along the left span. The base line along the right span 
is fixed by its endpoints. 

minor, 

horizontal  axis 

17 The two alternate methods by which the beam can fail are 	Figure 15.13 Minor Axis Buckling and Bracing known (in plastic theory) as mechanisms. 
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Associated with each column are two unbraced lengths, 

Lz  and 4.18  In figure 15.13(b), L. is the full column 
height. However, Ly  is half the column height, assum-
ing that the brace is placed at mid-height. It is not 
necessary for Lz  and Ly  to be identical. 

Another important geometric feature is the radius of 
gyration. Since there are two moments of inertia, there 
are also two radii of gyration. Since 11/ is smaller than 

ry  will be smaller than rz . ry  is known as the least 
radius of gyration. 

The values of K specified in table 15.5 do not require 
a prior knowledge of the column size or shape designa-
tion. However, if an existing design for which all column 
and framing members are known is being evaluated, the 
alignment charts in figure 15.14 and 15.15 can be used 
to obtain a more accurate end-restraint coefficient. 

20 These are not the theoretical values often quoted for use with 
Euler's equation. They are slightly different, as recommended by 
the American Institute of Steel Construction in its Commentary. 
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Figure 15.14 Alignment Chart When Sidesway 	Figure 15.15 Alignment Chart When Sidesway 
is Inhibited 	 is Uninhibited 

C. EFFECTIVE LENGTH 

Since the restraints placed on column ends greatly af-
fect a column's stability, an end-restraint coefficient is 
used to modify the unbraced length. 1° Thus, KL is 
the product of the end-restraint coefficient and the un-
braced length, and is known as the effective length of 
the column. 

Values of K depend on the conditions at both ends of 
the column. Either end can experience complete fixity 
(which is, in practice, impossible to achieve) to zero 

18 Even if the column is braced in one or both directions, the 
unbraced length is the distance between braces. 

B. GEOMETRIC TERMINOLOGY 
19  This coefficient is also known as the effective length coefficient. 
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step 1: Obtain the shape properties A, r s , and ry , 	step 4: Check for buckling in the strong direction. 

as well as the unbraced lengths L. and L. 	 Calculate L'. from equation 15.25 and the 
ratio rs /ry  tabulated in the column tables. 

step 2: Obtain KS and Ky  from table 15.5 or from 
the alignment charts (figures 15.14 and Kz Lx  
15.15). 	

L'. =  	15.25 
rs /ry  

To use the alignment charts, the end condition coeffi-
cients, GA and GB, need to be calculated for the two 
column ends, A and B. (The alignment charts are sym-
metrical. It is not important which end is labeled A or 
B.) 

E( f) 
G  = columns  

15.15 
E 

beams 

For ground level columns, one of the column ends will 
not be framed to beams or other columns. In that case, 
G = 10 (theoretically G = oo) is used for pinned ends, 
and G = 1 (theoretically, G = 0) is used for rigid footing 
connections. 

D. SLENDERNESS RATIO 

Steel columns are divided into long columns and inter- 
mediate columns, depending on their slenderness ratios. 
This slenderness ratio is calculated from equation 15.16. 

KL 
SR =- 	 15.16 

Since there are two values of r (and accompanying val-
ues of K and 4, there will be two slenderness ratios. 
The maximum slenderness ratio will determine if the 
column is long or intermediate. The critical slender-
ness ratio is given by equation 15.17. However, there is 
really no need to calculate Ca  for standard steel grades. 
For 36 ksi steel, a column is long if SR is greater than 
126.1 and is intermediate otherwise. For 50 ksi steel, 
C, = 107.0. 

\/273-2 E  
15.17 

Slenderness ratios of greater than 200 are not permitted. 

E. ALLOWABLE COMPRESSIVE STRESS 

As figure 15.16 shows, the allowable column stress varies 
with the slenderness ratio. 21  

21 
Very short compression members, those less than about 2 feet 

in effective length, are governed by different requirements. 

The easiest method of determining allowable compres-
sive stress is to use the Allowable Stress for Compression 
Members tables in the AISC Specifications. However, 
the allowable stress can also be calculated for steels with 
non-standard yield strengths. 

126.1 	 200 
(max) slenderness ratio (SR) 

Figure 15.16 Allowable Column Compressive Stress 
(Fy  = 36 ksi) 

Up to a slenderness ratio of Cc , equation 15.18 ([E2- 1]) 
gives the allowable stress. 

(KL/r) 2 1 
2c 

Fe - g j Y  

5 3(KLIr) (KLIr)3 	
15.18 

3 
+ 

8Ca 	sq 

When the slenderness ratio exceeds Ca , equation 15.19 
([E2-2]) must be used. 

127r2E 
Fa  - 	 15.19 

23(KL/r) 2  

An alternate method of calculating the allowable com-
pressive stress for steels with non-standard yield 
strengths is possible. Equation 15.20 calculates Fa  from 
the yield strength and a reduction coefficient, Ca . Val-
ues of Ca  are listed in Table 3, Numerical Values section 
of the AISC Specifications. 

Fa  = CaFy 	 15.20 

(Equation 15.21 is omitted in this edition.) 

F. COLUMN ANALYSIS 

The procedure for analyzing the adequacy of a column is 
essentially one of verifying that the actual compressive 
stress does not exceed the allowable stress. 

step 3: Use equation 15.22 to calculate the maxi-
mum slenderness ratio. 

{ KL ..  
r. 1 

SR = max 	 15.22 
Ky  Ly  

rY  

step 4: Use equation 15.17 to calculate the critical 
slenderness ratio, C. (For 36 ksi steel, C, = 
126.1; for 50 ksi steel, C e  = 107.0: This 
step is not necessary if the AISC Table of Al-
lowable Stresses for Compression Members 
is used.) 

step 5: Use the Allowable Stress for Compression 
Members table to obtain the allowable com-
pressive stress. Alternatively, use either 
equation 15.18 or 15.19 (depending on SR). 

step 6: Compare the actual load to the maximum 
allowable load on the column. 22  

G. COLUMN DESIGN 

Trial and error column selection is next to impossible. 
Accordingly, the AISC Manual provides column selec-
tion tables which make it fairly easy to select a simple 
column based on the required column capacity. 

step 1: Determine the load to be carried. Include an 
allowance for the column weight. 

step 2: Based on preliminary choices for the column 
design, determine the end-restraint coeffi-
cients, Ky  and K., for the column. Calcu-
late the effective length assuming that buck-
ling will be about the minor axis. 23  

effective length = Ky Ly 	15.24 

step 3: Enter the table and locate a column which 
will support the required load with an effec-
tive length of Ky L y . 

22 The gross area of the column is used to calculate the allowable 
stress. Lacing bars do not contribute to gross area. However, 

cover plates may be used to carry column load. 

23 If buckling will occur about the major axis, the table cannot 

be used directly. See steps 4 through 7.  

step 5: If L'm  < Ky L y , the column is a' dequate and 
the procedure is complete. Go to step S. 

step 6: If 	> Ky Ly  but the column chosen can 
support the load at a length of .4, the col-
umn is adequate and the procedure is com-
plete. Go to step 8. 

step 7: Choose a larger member which will support 
the load at a length of L. (The ratio rx /rv  

is essentially constant.) 

step 8: If sufficient information on other members 
framing into the column is available, use the 
alignment charts (figures 15.14 and 15.15) to 
check the values of K used. 

Choose a W14 shape to support a 2000 kip concentric 
load. The unbraced column length is 11 feet in both 
directions. Use Ky  = 1.2 and K. =- 0.80. Fy  = 36 ksi. 

step 1: Assume a column weight of approximately 
500 lbf/ft. The load to be carried is 

(500)(11)  

	

P = 2000 + 	 2005 kips 
1000 

step 2: From equation 15.24, the effective length for 
minor axis bending is (1.2)(11) = 13.2' (say 
13'). 

step 3: From the column table for 36 ksi steel, select 
a W 14x370 shape with a capacity of 2121 
kips. 

step 4: From the table, rx /ry  = 1.66. Using equa-

tion 15.25, 

(0.80)(11)  

	

L' - 	- 5.30 X  
1.66 

step 5: Since 5.30 < 13, the column selected is ade-
quate. 

In calculating G, only beams and columns which are 
in the expected plane of bending (i.e., which resist the 	allowable 
tendency to buckle or bend) are included in the sum- 	stress 
mation. Also, only beams and columns rigidly attached 	(F a ) 
are included, since pinned connections do not resist mo-
ments. 

Pmax = FaA 	15.23 	Example 15.6 
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Example 15.7 

Design a 25 foot long A36 W shape main member col-
umn to support a 375,000 pound live load. The base 
is rigidly framed in both directions. The top is rigidly 
framed in the weak direction and fixed against rotation 
(i.e., cannot rotate) in the strong direction, but trans-
lation in the strong direction is possible. 

Assume the column dead weight will be about 2000 
pounds. Then, the actual load will be 375,000+2000 = 
377,000 pounds. 

From the information about framing, the end restraint 
coefficients are Ky  = 0.65 and ICz  = 1.2. 

The effective lengths are 

Ly  = (0.65)(25) = 16.25 ft 

Lx  = (1.2)(25) = 30 ft 

Use the column selection table to find a column capable 
of supporting 377 kips with an effective length of 16 feet. 
Try a W 12x79 beam. This beam has r x  /ry  = 1.75. 
Then, from equation 15.25, 

, 	30 
L. = 1- 75  = 17.1 

Since 17.1 > 16.25, the strong axis controls. Enter the 
table looking for a 17 foot (effective length) column ca-
pable of supporting 377 kips. The same column has suf-
ficient capacity, and the column selection is complete. 

23 STABILITY OF PLATES IN 
COMPRESSION 

It is possible that local buckling in one of the plate ele-
ments of a rolled shape or built-up compression member 
may occur before buckling based on the slenderness ra-
tio becomes the governing factor. The load-carrying 
ability of the column will be reduced if such local buck-
ling occurs. 

The ability of plate sections to carry compressive loads 
without buckling is determined by the width-thickness 
ratio, b/t. For the purpose of specifying limiting width-
thickness ratios, compression elements are divided into 
stiffened elements and unstiffened elements. Stiffened 
elements are supported along two edges. Examples are 
webs of W shapes and sides of box beams. Unstiffened 
elements are supported along one edge only. Flanges of 
W shapes and sides of angles are unstiffened elements." 

24 
If a W shape is selected from the column selection tables in the 

AISC Manual, the width-thickness ratios do not generally need to 
be evaluated. However, compression members constructed from 
double tees, structural tubing, and plate girders must be checked. 

b 	1_,b1 

1t 	r 1,1 	 
fh 

t 
(a) stiffened 

Lti 	FL 
(b) unstiffened 

Figure 15.17 Stiffened and Unstiffened Elements 

To prevent local buckling, the AISC Specifications (sec-
tion B5) require equation 15.26 to be met if the plate 
element is to be considered fully effective. 25  

b H 
15.26 

Values of H are listed in table 15.6. 

Table 15.6 
H Values for Width-Thickness Ratios 

element  

unstiffened elements 
stems of tees 	 127 
double angles in contact 	 95 
compression flanges of beams 	 95 
angles or plates projecting from girders, 

columns, or other compression members, 
and compression flanges of plate girders 95/Vrc 

4.05  (k, = 
(111)146 

if h/t > 70; otherwise, lc, =1.) 
(  

stiffeners on plate girders 	 95 
flanges of tees and I-beams (use ibf ) 	95 
single angle struts or separated 

double angle struts 	 76 

stiffened elements 
square and rectangular box sections 	238 
cover plates with multiple access holes 	317 
other uniformly compressed elements 	253 

25 
The width-thickness ratios are applicable for elastic (working 

stress) design, and should not be used for inelastic design. Other 
provisions govern the width-thickness ratio of plate girder flanges, 
as well. 

Circular tubular sections are considered to be fully ef- 
fective according to the ratio of outside diameter to wall 

thickness. 
D 3300 
— < — 	 15.27 
t 	Fy  

If the width-thickness ratios are exceeded by unstiffened 
compression members, the allowable compressive stress 
is reduced by a strength reduction factor, Q8 

26 

Fa' = Q,Fa  15.28 

Stiffened compression elements exceeding the width-
thickness ratios are handled differently. An effective 

width, b e , is used in place of the actual width when 
calculating the flexural design properties and the per-
missible axial stress. 

The specific provisions for determining Qs  and be  are 

contained in Chapter B of the AISC Specifications. 

Example 15.8 

Two A36 L 9 x4 x angles are used with a 3/8" gus-
set plate to produce a truss compression member. The 
short legs are back-to-back, making the long legs un-
stiffened elements. Can the combination fully develop 
compressive stresses? 

2 L9 x 4 x 	r,A PAN PP) 

3/8 inch gusset plate 

The limitation on the unstiffened separated double an-
gles is 

76 	76 
— — 1267  

fry \/ 

The actual width-thickness ratio is 

b .1=18 18 

Since 18> 12.67, local buckling will control, and a re-
duced stress factor, Qs , must be used when calculating 
the allowable compressive load on the truss member. 

26 Equation 15.28 implies that Fa  is the same as for members 
that meet the width-thickness ratios. Actually, Qs  is also incor-
porated into the calculation of the critical slenderness ratio, C c , 

and the allowable compressive stress, Fa . 

24 MISCELLANEOUS COMBINATIONS 
IN COMPRESSION 

Miscellaneous shapes, including round and rectangular 
tubing, single and double angles, and built-up sections, 
can be used as compression members. Generally, sec-
tions with distinct strength advantages in one plane 
(e.g., double angles or tees) should be used when bend-
ing is confined to that plane. For exaniple, a double 
angle member could be used as a compression strut in 
a truss or as a spreader bar used for hoisting large loads. 

' 	T 	 
x PTT fl 

 

Figure 15.18 Miscellaneous Compression Members 

Design and analysis of these compression members is 
similar to the design and analysis of W shape columns. 
The same equations are used for calculating the allow-
able stress, Fa . It is, however, essential to check the 
width-thickness ratios for all elements in the compres-
sion members, including both flanges and stems of tees. 

Where spot welding or stitch riveting is used to combine 
two shapes into one (as is done with double angles), the 
spacing of the connections must be sufficient to prevent 
premature buckling of one of the shapes. Once the max-
imum slenderness ratio has been determined (based on 

x- and y-directions), the spacing between connections 
can be calculated from equation 15.29, in which r z  is 

the least radius of gyration for a single angle (as read 
from the shape table). 

(Sli ms,Orz  15.29 Lb — 	 

Column load tables have been prepared for many com-
binations of double angles, tees, round pipe, and struc-
tural tubing. Single angle compression members are dif-
ficult to load concentrically, and special methods must 
be used for them. 
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Example 15.9 

Design a double-angle strut, 10 feet long, to support an 
axial compressive load of 40 kips. Use A36 steel and 
assume K = 1 for all cases. The gusset plates at the 
ends are 3/8" thick. 

5/16.4 
	  _ - 

3 1 /2" 

	 I 	 

1-  2 1 /2" 178" (gusset plate) 

The weight of the strut will be insignificant compared 
to the axial load. So, the self-weight is ignored. 

From the Double Angle column tables in the AISC Man-
ual, try two L 31 x2 x5/16 angles with a 3/8" gusset 
plate, long legs back to back. This configuration has 
a capacity of 42 kips in both the x- and y-directions. 
(Note that a slightly more economical selection would 
be 4 x 3x with a capacity of 44 kips in both directions.) 
From the table, the properties are 

A = 3.55 

rx  = 1.11 

ry  = L10 

The controlling slenderness ratio is the larger value of 
KL/r. 

Kx L 	(1)(10)(12)  - 	- 108.1 
rx 	1.11 

Ky .(' 	(1)(10)(12)  
- 109.1 (controls) 

1.10 

The allowable compressive stress can be calculated from 
equation 15.18 or read directly from AISC Specifica-
tions Part 3, Table C-36. Fa  = 11.81 kips. The actual 
compressive stress is 

fa
5 
 = 11.3ksi (ok) 

3.5 

All combinations of double angles in the AISC Manual 
meet the width-thickness ratio requirements. However, 
the width-thickness ratio is easily calculated from the 
angle designation. 

b 	3.5  

The maximum width-thickness ratio for separated dou-
ble angle struts is 

76 	76 
- = 	= 12.67 (ok) 
\FE; v36 

From the shape table, the least radius of gyration is 
r, = 0.54. Since the maximum slenderness ratio is 
109.1, the distance between connections between the 
two angles should not exceed 

(109.1)(0.54)  L - 	 - 58.9" 
1 

25 MEMBERS IN BEARING 

A. PROJECTED AREAS IN CONNECTIONS 

The maximum bearing stress on projected areas of bolts 
and rivets in shear connections is (P3-4]) 

	

F„ = 1.50F„ 	 15.30 

If the connectors, plates, or shapes have different 
strengths, then the lower value of F„ will govern. 

B. PROJECTED AREAS IN PINNED 
CONNECTIONS 

When a connection is made with a pin in a reamed, 
drilled, or bored hole, the maximum bearing stress on 
projected areas is ([J8-1]) 

	

Fp  = 0.904 	 15.31 

When parts in contact have different yield stresses, 4 
in equation 15.31 is the lesser value. 

C. BEARING STIFFENERS 

The bearing stress on the ends (tops and bottoms) of 
bearing stiffeners, and the stress on the contact area 
between mill sections and those bearing stiffeners, must 
not exceed ([.18-1]) 

	

Fp  = 0.904 	 15.32 

Only the part of the stiffeners outside the flange angle 
fillet or flange-to-web welds is considered effective in 
bearing. 

D. BEARING ON MASONRY SUPPORTS AT 
BEAM ENDS 

Beams terminating at bearing connections on masonry, 
brick, or concrete supports are limited to bearing 
stresses based on the support material (Section J9). 

• sandstone and limestone: 

Fp  = 0.40 ksi 	 15.33  

• brick in cement mortar (Section J9): 

Fp  = 0.25 ksi 	 15.34 

• on the full area of a concrete support (Section J9): 

Fp  = 0.35f c' 	 15.35 

For beams resting on only a portion of a concrete sup- 
port, the allowable bearing pressure is given by equation 

15.36. F,„ is not to exceed 0.7,f, however (Section J9). 

Asupport  
Fp = 	 15.36 

fib eating 

Bearing plate area is determined by the load and F. 
Plate length, N, is found from equation 15.7 or 15.8. 

Width, B, is easily calculated as area/N. Bearing base 
plates are assumed to distribute the load to the masonry 
support as long as the base plate stress does not exceed 

Fb = 0.754. Assuming a uniformly loaded cantilever 

span of length n = B - k supporting an actual bearing 

pressure of Fb, the required plate thickness is 

t = n\/±1-'3  = 	 15.37 
Fb 	V Fy 

Figure 15.19 Bearing Plate Thickness 

E. COLUMN BASE PLATES 

Column loads transmitted to foundations must meet the 
same masonry bearing pressure limitations as beams. 27  

The load is transmitted from the column to the con-
crete foundation through a base plate, as shown in figure 

15.20. 

27  More likely than not, other codes or specifications will control 
the allowable concrete bearing pressure. 

kt,  

	

0.8b L 	I 	b 

	

I 	• 

0.95 d I  

Figure 15.20 Column Base Plate Design 

The required base plate area can be found from the total 
column load and allowable bearing pressure. 

column load 15.38 

	

Aplate 	Fp 

It is common to specify base plate dimensions in whole 
inches. Therefore, the actual plate area will be some-
what larger than the required plate area. The actual 
bearing pressure is 

column load 
f - 

act 	
15.39 

	

" P  - 	1 Aplate actual  

It is assumed that part of the base plate outboard from 
a 0.95dx0.8b rectangle acts as a uniformly loaded can-
tilever. In order to limit the bending stress, Fb, to less 

than 0.75F,,, the thickness of the base plate must be 
made sufficiently large. Once the plate size has been 
determined, the distances m and n can be determined. 
Then, equation 15.40 (similar to equation 15.37) can 
be used to calculate the required plate thickness. The 
larger plate thickness is required, since either m or n 
will be larger. 

t = {larger of m or n} x \1 4fP 	15.40 
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26. TENSION MEMBERS 

A. INTRODUCTION 

Wire cables, rods, eyebars, and structural shapes are 
typical tension members. Tension members are de-
signed so that the nominal stress is less than the al-
lowable stress. The nominal stress is just the average 
stress, calculated by dividing the design load by ine 
area. 

The area to be used is the actual area in tension. This is 
generally known as the gross area. For riveted or bolted 
connections, however, the area is taken as the gross area 
for checking against the yield strength, and it is taken 
as the effective area for checking against the ultimate 
strength. 

B. ALLOWABLE TENSILE STRESS 

The tensile stress must not exceed 0.60F9  based on the 
gross area, or 0.50F, based on the net area (Section 
D1). 28  

C. SLENDERNESS RATIOS FOR TENSION 
MEMBERS 

Where structural shapes are used in tension, the AISC 
Specifications lists preferred (but does not require) max-
imum slenderness ratios of 300. Rods and wires are 
excluded from these limitations (Section B7). 

D. THREADED MEMBERS IN TENSION 

Tension on threaded parts made from approved steels 
must not exceed 0.33F, when subjected to static load-
ing, regardless of whether or not threads are present 
in the shear plane. 29  The area to be used with this 
allowable stress when calculating the maximum tensile 
load is the gross or nominal area, as determined from 
the outer extremity of the threaded section. That is, 
the nominal area is calculated from the nominal bolt 
diameter (Table J3 . 2). 

When threads are included in the shear plane, the lower 
of the loads based on 0.33F„ and 0.60Fy  controls the design. 

28 
Eyebars (pin-connected plates) are designed to a smaller al-

lowable stress. There are other important factors affecting eyebar 
design. The subject is not covered in this book. 

29  Bolts in tension are governed by other limitations. 

E. PLATES AND MEMBERS WITH HOLES 

Plates and members are connected to other plates and 
members by welding, riveting, and bolting. If rivets and 
bolts are used, the effective area of the tension member 
is less than the gross area. In some instances where 
there are several rows of fasteners and multiple redun-
dancy, it will be difficult to determine the effective area. 

There are actually three different areas used in ten-
sile member calculations. The gross area (for the plate 
shown in figure 15.21) is 

	

A g  = bt 	 15.42 
The net area is calculated as the net width times the 
thickness. 

	

= bn t 	 15.43 

diameter d 

A 
1 

-10 0 6 B 

b 	 11-  0 0  0o:(0 D  _I 	i 
I 	- s  i 	E 

Figure 15.21 Illustration of Net Area Calculation 

The net width is calculated by subtracting the hole di-
ameters in the expected failure path from the gross 
width, and then adding a correction factor for each 
diagonal leg in the failure path. (There are two di-
agonal legs in the failure path ABCDE in figure 15.21. 
Thus, the quantity 8 2/4g would be added twice.) 

lin =b- Ed+ E S2 
15.44 

holes 	diag. paths 49  

Punched bolt clearance holes should be 1/16" larger 
than nominal fastener dimensions. 3° 
s in equation 15.44 is the fastener pitch or longitudinal 
spacing. g is the gage or transverse spacing. 

The chain of holes to be used as the expected failure 
path is the one which gives the minimum net length, 
30 

The so-called standard hole is 1/16" larger than the nominal 
fastener dimension. However, due to difficulties in producing uni- 
form punched holes in field-produced assemblies, another 1/16" 
should be added (Section B2). 

bn . This minimum length chain is usually found by 
checking several possible paths. In figure 15.21, paths 
ABCDE and ABDE must both be checked. 

When a tension member frames into a supporting mem-
ber, some of the load carrying ability will be lost unless 
all connectors are in the same plane, and all elements of 
the tension member are connected to the support. (An 
angle connected to its support only by one of its legs 
is an example of lost load carrying ability.) Therefore, 
a further reduction coefficient, U, is used to calculate 
the effective net area (Section B3-1). 

A, = UA„ 	 15.45 

U can be taken as 1.0 if all cross-sectional elements 
are connected to the support to transmit the tensile 
force. For W, M, or S structural shapes and structural 
tees cut from these shapes with connections to flange or 
flanges only, with 3 or more fasteners per line, and for 
which flange width/section depth ratio is 2/3 or greater, 
U = 0.90. For connections to built-up sections with 
3 or more fasteners per line in the direction of stress, 
U = 0.85. For all shapes not covered, and with at least 
2 fasteners per line, U -= 0.75. (AISC Specifications, 

section B3.) 

In addition to the reduction in the net area by U, the 
effective net area for splice and gusset plates must not 
exceed 85% of the gross area, regardless of the number 
of holes. Tests have shown that as few as one hole in 
a plate will reduce the strength of a plate by at least 
15%. 31  It is a good idea to limit the effective net area to 
85% of the gross area for all (not just splice and gusset 
plates) connections with holes in plates. 

Example 15.10 

Choose a 25 foot long W shape (A36 steel) to carry 
dead and live tensile loads of 468 kips. The shape will 
be used as a main member with loads transmitted to 
framing members through the flanges only. Use K = 1. 

Without additional information on the hole pattern, the 
gross and net areas are taken as the same. The allowable 
tensile stress in the member is the minimum of 

Since the web does not transmit the tensile strength, U = 
0.90 is used. The required area is 

- 	
468 

A 
n 	(21.6)(0.90) 

- 24.07 in2 

A W 21 x 83 member has an area of 24.3. The mini-
mum radius of gyration is r y  = 1.83. So, the maximum 
slenderness ratio is 

SR - 
(1)(25)(12) 

 - 163.9 
1.83 

This slenderness ratio is less than the suggested limit of 
300. 

Example 15.11 

A long tensile member is constructed from two shorter 
plates as shown. Each plate is 1/2" x 9". The fasteners 
are 1/2" nominal bolts. The steel is A36. Determine 
the maximum tensile load the connection can support. 
Disregard the shear strength of the bolts. 

2%"  

-:119111°.-P  

/ 

C 

A 

0 B 

,...., D 

F i 	. 

The allowable stress on the gross section is 

Ft = 0.60Fy  = (0.60)(36) = 21.6 ksi 

The allowable stress on the effective net section is 

Ft = 0.50F, = (0.50)(58) = 29.0 ksi 

The effective hole diameter includes 1/8" allowance for 
clearance and manufacturing tolerances. 

d = 0.5 + 0.125 = 0.625 

31 If an end row of connectors has fewer fasteners than interior 
rows, the tensile strength of the second row effective net area 
should be checked against a reduced load. The total load should 
be reduced in proportion to the number of fasteners in the end 
row. In figure 15.21, there are 2 fasteners in the end row, and 
there are 8 total fasteners. The load which the plate at the second 
row must carry is 6/8 = 3/4 of the total load. 

c / 2" 
21/2" 

21/2" 

F 
0 
0 

0 
n 

0.6F9  

0.5F, 

= 

= 

(0.6)(36) 

(0.5)(58) 

= 

= 

21.6 

29.0 

(controls) 
The gross area of the plate is 

A g  = (0.5)(9) = 4.5 in2  
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The net area of the connection must be evaluated in 
three ways: paths ABDE, ABODE, and FOG. Path 
ABDE doesn't have any diagonal runs. The net area 
is 

An,ABDE = (0.5)(9 - 2 x 0.625) = 3.875 in2  

ial loads (i.e., the equivalent axial compression method) 
or make use of interaction equations. Interaction type 
equations are best suited for beam-column analysis and 
validation, since so much (e.g., area, moment of iner-
tia, etc.) needs to be known about a shape. Equivalent 
axial compression methods are better suited for design. 

Equation 15.49 ([H1-1]) is the stability criterion. 

ems ibx  

Fbx 

Cmyfby  
- 	 a Fby <  1.0 15.49 
Fa  (1 -  

F0 	 ey/ 

= 44.1 

rx  = 6.24 

Sx  = 190 

The axial stress is 

To determine the net area of path ABODE, the quantity 
8 2/49 must be calculated. s is the longitudinal pitch, 
shown as 2.75" in the figure. g is the transverse gage, 
shown as 2.5" in the figure. 

(2.75) 2  

4g 	(4)(2 .5) - 0.756 

The net area of path ABCDE is 

An,ABCDE = (0.5)(9 - 3 x 0.625 + 2 x 0.756) 

= 4.319in2  

The net area of path FOG is 

A„,FcG = (0.5)(9 - 3 )< 0.625) = 3.5625 in 2  

The smallest area is An,FCG, which is less than 85% of 
A g . 

The capacity of the connection based on the gross sec-
tion is 

Pg  = (4.5)(21.6) = 97.2 kips 

Since all of the connections are in the same plane, U = 
1. Based on the net section, the capacity is 

Pg  = (1)(3.5625)(29.0) = 103.3 kips 

The capacity is the smaller value, 97.2 kips. 

Since the end fastener row has fewer connectors than 
the second row (2 compared to 3), a further capacity 
check is required. If holes B and D carry 2/5 of the 
load, the stress in section FOG will be 

(t) (97.2) 
= 	= 16.4 ksi (ok) 

3.5625 

27 BEAM-COLUMN ANALYSIS 

A. INTRODUCTION 

A compression member, such as a column, which is also 
acted upon by a bending moment is known as a beam-
column. The bending moment can be due to an eccen-
tric load or a true lateral load. Design and analysis of 
members with combined bending and axial loads gener-
ally attempt to transform moments into equivalent ax- 

B. SMALL AXIAL COMPRESSIONS 

When the axial load is small, the member is essentially 
a beam. When fa/Fa, does not exceed 0.15, a simplified 
interaction criterion can be used. 

step 1: Calculate the axial stress due to the axial 
load acting alone. 

fa  - 	
15.46 

step 2: Calculate the slenderness ratios for both 
bending modes. 

step 3: Based on the largest slenderness ratio, deter-
mine the allowable column stress. Use equa-
tion 15.18 or 15.19. Alternatively, Fa  can be 
obtained directly from the Allowable Stress 
for Compression Members table. 

step 4: Calculate the ratio of fa  I Fa , which must be 
0.15 or less to use this method. 

step 5: Determine the adequacy of design by use of 
the simplified interaction criterion, equation 
15.47 ([Hi-a]). 

Fa Fbx 

	

fbz 	fby 
Fby 	1.0 	15.47 

In equation 15.47, fb is the actual maximum compres-
sive bending stress, as calculated from the standard 
bending stress equation. Fb is the compressive bending 
stress that would be permitted if the bending moment 
acted alone. 

C. LARGE AXIAL COMPRESSIONS 

When fa/F„ exceeds 0.15, the stability interaction cri-
terion must be used. Two equations must be satis-
fied. The first is basically an interaction equation using 
0.60Fy  as the allowable compressive stress. Equation 
15.48 ([111-2]) is the first equation. 

Fby  <1.0 

	

O. 6f0aFy  F fbbxx -L 	
15.48  

12r2E 
=  	 15.50 

KLb 
23 ( 9-7 ) 

2 

In equation 15.49, Fa  is the axial compressive stress that 
would be allowed if there was no other bending stress. 
It depends on the maximum slenderness ratio. Cm  is an 

equivalent moment factor. If the compression member is 
subject to joint translation (i.e., sidesway), then C m  = 
0.85. If the compression member is braced against joint 
translation in the plane of loading and also experiences 
transverse loading between the supports, C m  may be 
taken as 0.85 if the member's ends are restrained, and 
1.0 otherwise. 

If a compression member is braced against joint trans-
lation in the plane of loading and does not experience 
transverse loads between the supports, then C m  is cal-

culated from equation 15.51. 

Cm  = 0.6 - 0.4- 	 15.51 
M2 

M1 /M2 is the ratio of the smaller to larger moments 
at the ends of the compression member (in the plane 
of bending). The ratio is positive when the member is 
bent in reverse curvature, and negative when bent in 
single curvature. 

In equation 15.50, F is the Euler stress divided by the 
basic factor of safety. Lb and rb are the unbraced length 
and radius of gyration in consistent units, both in the 
plane of bending. 

Example 15.12 

A W 14x120 (A36) shape has been chosen to carry an 
axial compressive load of 200,000 pounds and a 250,000 

ft-lbf moment about its strong axis. The member's un-
supported length is 20 feet. Sidesway is permitted in 
the direction of bending. Use K = 1. Determine if the 

column is adequate. 

Check to see if the axial load can be considered small. 
The column properties are: 

A = 35.3 in2  

rY  = 3 . 74 

La  = 15.5  

P 200 = 

	

J 	--A - 	= 5.67 ksi 

The maximum slenderness ratio is 

K L  
SR = 	

(1)(20)(12) 	
64.2 (say 64) - = 174 

The allowable compressive stress from equation 15.18 
(or from the Allowable Stress for Compression Members 
table) is 17.04 ksi. 

The stress ratio is 

fa 	5.67 
	 = 0.33 > 0.15 

Fa  = 17.04 

Therefore the large axial compression criteria must be 
used. Since sidesway is permitted, C mx  = 0.85. Since 
the unbraced length of 20 feet is greater than L, but 

less than L, 

Fb = 0.60 x Fy  = (0.60)(36) = 21.6 ksi 

From equation 15.50, 

12r2  (2.9  EE7) /1000  

	

F'; = 	 = 100 ksi 
23 ( i)( 20)( 12 )1 2 

6.24 	j 

The bending stress due to the applied moment is 

(250, 000)(12)  
fb.  Li/ = 	1000 	= 15,79 

Sz 	190 

From equation 15.48 (the first criterion), 

5.67 	15.79 

(0.60)(36) ± 	
= 0.99 (ok) 

 21.6 

From equation 15.49 (the second criterion), 

	

5.67 	(0.85)(15.79)  
= 0.99 (ok) 

	

17.04 	(
1 - 

5.67
) (21.6) 

100 
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15-25 D. WEB STIFFENERS 

In most instances, beams and girders will transmit mo-
ments to the flanges of column members. If these mo-
ments are very large, it will be necessary to reinforce the 
web with web stiffeners. The column design tables and 
AISC Specifications should be consulted to determine 
when such stiffening is required. 

28 BEAM-COLUMN DESIGN 

In order that the shape selection process for combined 
axial and bending loads not be so much of a trial and 
error procedure, equations 15.47, 15.48, and 15.49 can 
be modified to allow the use of the column tables in the 
AISC Manual. Nevertheless, such modifications still 
require a considerable amount of calculation. 
The AISC Manual suggests an alternate procedure 
which determines an equivalent axial load.32  

step I: Determine the effective length, KL, based 
on the weak axis bending and bracing. 

step 2: Use table B in Part 3, "Column Design", of the AISC Manual to obtain a value of the 
equivalency factor, m, for the first iteration. 

step 3: Assume a value of U to be 3. (Values of U 
for subsequent iterations can be read directly 
from the column table.) 

step 4: Calculate the equivalent axial load. P is the 
actual axial load. 

Peff = P M.rn My mU 	15.52 

step 5: Select a column from the column table to 
support Peff with an effective length of KL. 

step 6: Return to table B in the AISC Manual to 
obtain a revised value of m. 

step 7: Read the U value for the column from the 
column table. 

step 8: Repeat steps 4 through 7 to reduce member 
weight until m and U remain constant. 
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Example 15.13 

Select a W shape using A36 steel to carry 200,000 
pounds axially and a moment of 250,000 ft-lbf about 
its strong axis. The unsupported length is 20 feet. As-
sume K =- 1. 

This procedure has a tendency to oversize beam-columns. 
Therefore, it may be possible to use somewhat lighter members 
if the member initially selected is used as a starting point for a 
subsequent trial-and-error reduction study. 

step 1: KL = (1)(20) =- 20 ft 
step 2: m = 2.0 (all shapes, 20 feet) 
step 3: U = 3 (not needed in this example) 

st 	 An 	(250, 000)(2) 

	

ep 4: Peff = 21-111 	 = 700 kips 1000 
step 5: Try W 14x132, with a 20 foot capacity of 

662 kips (close to 700 kips). 

step 6: m = 1.7 

step 7: Peff = 200+(1.7)(250) = 625 kips < 662 kips 
(O.K.) 

29 PLATE GIRDERS 

When beams with moments of inertia larger than stand-
ard mill shapes are required, plate girders can be used. 
The discussion on plate girders which follows is pre-
sented in an order which allows the design of a member. 
However, the individual sections can also be used if spe-
cific aspects of a given plate girder are to be evaluated. 

A. DIMENSIONS AND NOMENCLATURE 

Figure 15.22 illustrates two plate girders. One is built 
up and bolted or riveted together. The other is welded. 
The depth, d, is generally chosen to be around 1/10 of 
the span, although the ratio can vary between 1/5 to 
1/15. 

flanges 

mini 1■1111= 

alarm 

T , 1 -- 	  

hTclear T 	
h 

web 

1m IN 

'AIL. .......... 	___ 1 	 I 

b 	b 

bf  

Figure 15.22 Elements of a Plate Girder  

thickness (hlt) ratios, the AISC Specifications require 
h to be the clear distance between flanges. For bolted 
or riveted flanges, this distance is the separation be-
tween the last row of fasteners. For welded flanges, the 
distinction is not made. 

B. DEPTH-THICKNESS RATIOS 

The web thickness to be used depends on how closely 
intermediate stiffeners are spaced. If intermediate stiff-
eners are spaced no more than 1.5d, where d is the girder 
depth, then the maximum permissible depth-thickness 
ratio is given by equation 15.53. If h is known, the 
required thickness, t can be obtained ([G1-2]). 

h 2000 

	

< 	 15.53 
t 

If intermediate stiffeners are not provided as often as 
1.5d, then equation 15.54 governs the depth-thickness 
ratio ([G1-1]). 

14,000  
t 	v/Fyf (Fyf  + 16.5) 	

15.54 

If hit satisfies equation 15.54 and is also less than 260, 
and if the shear stress is less than the allowable value, 
no intermediate stiffeners will be required. 34  In other 
cases, actual stiffener spacing will depend on the shear 
stress (Section F5). 

C. SHEAR STRESS 

The maximum shear stress on the section can be calcu-
lated from h and t. 

Vmax  
= - 	 15.55 

hit, 

The allowable web shear, F„, may not exceed 0.40Fy  or 
the value calculated from equation 15.56 ([F4-2]). 33  

In equation 15.59, a is the clear distance between stiff- 
eners. 

C,F 
F, = 	 15.56 

2.89 

45,000k,, 
C„ 

= F (hit )2 
(C„ <0.8) 	15.57 

w   

	

190rc 	„ 0 , 
C.„ - - - 	> 	 15.58 

hitt, 	.F21  

34 In any case, bearing stiffeners are still required at reaction and 
loading points. 

35 The AISC Specifications contains an alternative equation for 
calculating the allowable shear stress if intermediate stiffeners are 
used and other conditions are met. 

5.34 
kt, = 4.00 + 	 (alh < 1.0) 	15.59 

(alh)2  

4.00 
k, = 5.34 + 	(a/h> 1.0) 	15.60 

(alh)2  

When alh is very large, k = 5.34. This situation corre-
sponds to the case of no intermediate stiffeners. If that 
is the case, equations 15.61 and 15.62 give the allowable 
shear stress. (F„ is still limited to 0.4Fy , however.) 

152 
F„ = 	

hit 	
(hlt <

48 ) 
15.61 

.17Fy  

83,150 	, , 	548 ) 
F,, = 

(hit)2 (nit 
> - 	15.62 

An alternate method of calculating the web thickness 
based on achieving full flange compression (equation 
15.63) will produce much thicker webs, and result in 
larger weight and cost. However, this equation can be 
used to determine if the allowable flange stress will be 
reduced. If the thickness is less than that determined 
from equation 15.63, the allowable flange stress will be 
reduced from the basic bending allowance. 

D. DESIGN OF GIRDER FLANGES 

To design the girder flanges, some initial estimate of the 
allowable bending stress in the flanges must be made. 
Theoretically, Fb = 0.66Fy  could be chosen. However, 
the allowable bending stress is a function of the depth-
thickness ratio when 

h 	760 
>  	 15.63 

vrb 

Therefore, if lilt is greater than 760/ ../F, a lower value 
of Fb should be used.36  

Equation 15.64 is easily derived from basic mechanics 
principles, and gives an initial estimate of the required 
flange area. 

Mz  th 
Af - - - 	 15.64 

Fbh 6 

Once the flange area is known, trial flange widths and 
thicknesses can be evaluated. 37  

Af = bf if 	 15.65 

' That is, Ft, can be reduced 10% or so. Very large reductions 
in bending stress underutilize the flange area. 

37  Girder flanges do not have to be the same thickness along 
the entire plate girder length. It is possible to substitute thinner 
flanges near the ends of beams, or to add cover plates near the 
mid-points of beams. 

Depending on the purpose, two different definitions 
of the web depth, h, are used. 33  Unlike for rolled shapes, 
for shear stress calculations, only h is used. For depth- 

In fact, there are two different definitions of depth-the 
web depth, h, and the girder depth, d. 
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The limitations in available plate thicknesses should be 
considered when choosing t1. Alternatively, bf can be chosen based on bf/d ratios, which typically vary be- 
tween 0.2 and 0.3. Flange plate widths are typically 
rounded to the nearest 2". 

I. LOCATION OF INTERIOR STIFFENERS 

The spacing, a, of interior intermediate stiffeners should 
not exceed the value determined from equation 15.72 
([F5 - 1]). 

ximurn 

limum 

112.,4 
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E. WIDTH-THICKNESS RATIOS 

The width-thickness ratios specified by equation 15.26 
and table 15.6 apply to plate girders as well. Specifi-
cally, for unstiffened plates such as plate girder flanges, 
equation 15.66 should be used. 

b 	95 < 
15.66 ft v/P; 

b =-
1 

 b f 	 15.67 2 

For stiffened plates, such as plate girder webs, equation 
15.68 is used. Also, see equation 15.53 ([G1-1]). 

14,000 
tvJ 
- < 

- 	 15.68 

F. REDUCTION IN FLANGE STRESS 

As already mentioned, the allowable bending stress 
must be reduced if hit > 760/Vin. Equation 15.69 
gives the reduced stress. Au, is the area of the web, and Af is the area of the compression flange. Equation 15.69 
is for non-hybrid girders (Section G2). 

Lh 760 
A1

< Fb ILO - 0.0005 -Aw 	 15.69 
NfIT, 

= ht 
15.70 

bftf 
15.71 

G. FINAL CHECK 

Once a trial design of the plate girder has been made, 
its moment of inertia can be determined by standard 
means. The expected stress based on assumed elastic 
behavior is calculated and compared to the allowable 
stress, F. 

H. LOCATION OF FIRST (OUTBOARD) 
STIFFENERS 

The first intermediate stiffeners can be located where 
the shear stress exceeds equation 15.56 ([F4-2]). In 
practice, a trial distance a (a/h < 1.0) is selected as the 
separation between the end panel and the first inter-
mediate stiffener. Then, F, is calculated from equation 
15.56 and compared to f„ from equation 15.55. 38  If Fv  is greater than fv , the location is adequate. Otherwise, 
a smaller a should be tried. 

38
This procedure is greatly aided by a shear diagram for the 

beam. 

a< f 260 1 2  
15.72 

The spacing, a, determined from equation 15.72 is valid 
as long as the shear stress does not exceed the value 
calculated from equation 15.56. In beams where the 
maximum shear occurs near the ends, the spacing cho-
sen for the first interior stiffener will be adequate for 
the entire beam length. However, this illustrates the 
need to work with the largest shear when establishing 
an initial trial spacing. 

If equation 15.72 is met, and if C„ < 1.0, then equation 15.73 ([G3-1]) can be used in place of equation 15.56 
([F4-2]). This is the so-called tension field action equa-tion. Use of equation 15.73 places an additional re-
straint on the allowable bending stress in the girder 
web. 

Fli = 	± 	1- Cy  
2.89 	v , , 

-1..1.0 1 1.11-77E-1/V- 5_ 0.404 15 . 73 

J. MAXIMUM BENDING STRESS 

Plate girders which have been designed according to 
tension field concepts (i.e., have used equation 15.73 
to determine stiffener spacing), are limited to the web 
bending stress in equation 15.74 ([G5-1]). F„ in equa-
tion 15.74 is calculated from the tension field action equation, equation 15.73. If the bending stress is ex-
cessive, or if the quantity in parentheses is greater than 
0.6, the stiffener spacing must be reduced. 

A 5_ (0.825 - 0.375-21) 4 <0.6F 	15.74  

are used to calculate the stiffener area, not the width 
and depth. Equation 15.75 ([G4-2]) gives the steel area 
at a particular location. This area can be divided be-
tween two stiffeners or given to a single stiffener. In 
equation 15.75, D is 1.0 for stiffeners furnished in pairs, 
and 2.4 for single plate stiffeners. D is 1.8 for single 
angle stiffeners. 

	

1 -Cv  a 		(alh)2   ]( 	,web 	Dhtli, Ast - 	 2 	h 	V1+ (a/h) 2 	Fy,stiffener j 

15.75 

Figure 15.23 Intermediate Stiffeners 

If the actual shear stress, fv , at the point where the 
bearing stiffener is located is less than the allowable 
shear stress, Fy , as calculated from equation 15.73, then 
the stiffener area may be reduced proportionally. That 
is (Section G4), 

A'st = ( Lu  Ast Fs 	
15.76 

The moment of inertia, /8j , is taken with respect to an 
axis in the plane of the girder web. If two stiffeners are 
used, b3i  is the total of both their widths. 

tstblt  i st = 	 15.77 
12 

To be significant, the stiffener must have sufficient stiff-
ness itself. Equation 15.78 is a lower limit on the mo-
ment of inertia ([G4-1]). 

h  
is, ()

4
5- 	 15.78 

L. DESIGN OF BEARING STIFFENERS 

The bearing pressure on stiffeners is limited to 0.904, 
and such stiffeners must essentially extend from the web 
to the edge of the flanges. Therefore, this criterion es-
tablishes one method of determining the bearing stiff-
ener thickness. 

However, there are other criteria that must also be met. 
(The width is essentially fixed by the flange dimension. 
So, only the thickness needs to be determined.) 

Since the stiffener is loaded as a column, it must satisfy 
the width-thickness ratio for an unstiffened element. 

bst 	95 

t8t 
15.79 

- -VP; 

The stiffener should be designed as, a column. For the 
purpose of determining the slenderness ratio, the effec-
tive length is taken as 0.75h. The radius of gyration, T, 

can be determined exactly, or it can be approximated 
as 0.25 times the stiffener edge-to-edge distance. That 
is, 

0.75h 
15.80 

r 	0.25(2b8t  + tw) 

25 tw 

Figure 15.24 Bearing Stiffener Design 

Once the Lir ratio is known, it can be used (as KL/r) 
to determine the allowable compressive stre6s, Fa . How-
ever, some of the web also supports the load. Specif-
ically, 25 times the web thickness is the contributing 
area. Therefore, the required stiffener thickness based 
on column stress is 

load - 25t2  
4 
st = 

Fa 	w 	 15.81 & 

Another factor determining the thickness is possible 
compression yielding. Compressive stress is limited to 
0.604. Therefore, the thickness is 

load 

2 	0.604 
&Ed =  	 15.82 

2bst 

Stiffener thickness is the maximum thickness deter-
mined from the bearing stress, width-thickness ratio, 
column stress, and compression yield criteria.° 

40 If column stability is not the factor controlling stiffener thick-
ness, the larger thickness could conceivably increase the slender-
ness ratio and reduce the allowable compressive stress even fur-
ther. This should be checked, but is not likely to be a factor. 

K. DESIGN OF INTERMEDIATE STIFFENERS 

Intermediate stiffeners are used to support the flange 
and prevent buckling. They may be constructed from 
plates or angles, either singly or in pairs. Intermediate 
stiffeners do not need to extend completely from the 
top to bottom flanges, but they must be fastened to the 
compression flange to resist uplift. 39  The AISC Specifi-cations contains limitations on weld and rivet spacing. 

Intermediate stiffeners are sized by their gross steel 
area, as calculated from the steel area in contact with 
the compression flange. Thus, the width and thickness 
39 

 Stiffeners which transmit loads and reactions must extend 
from flange to flange. 

1E 
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type of connector 

F„ 	F,, 
slip-critical 	bearing 

Ft 	connection connection 

A 502, hot driven rivets, 
grade 1 23.0 don't use 17.5 

grade 2 29.0 don't use 22.0 

A 307, ordinary bolts 20.0 don't use 10.0 

A 325, structural bolts 
no threads in the 

shear plane 
threads in the 

shear plane 

	

44.0 	17.0 

	

44.0 	17.0 

30.0 

21.0 

A 490, structural bolts 
no threads in the 

shear plane 
threads in the 

shear plane 

	

54.0 	21.0 

	

54.0 	21.0 

40.0 

28.0 
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Table 15.7 	 will clamp the plates together, and friction alone will 

Allowable Connector Stresses for 	 keep the plates from sliding. The fastener shanks never 

Static Loading43 	 come into contact with the plate holes. Bolts con- 
structed from A325 and A490 steels are suitable for 

(All stresses are in ksi) 	 slip-critical connections. However, high-strength bolts 

can also be used in bearing connections. 

Equation 15.48 should be used to size sections that are 
subject to axial tension and bending combined. fb is the 
bending stress that would exist if axial tension were not 
present. The effect of the axial tension is not allowed to 
produce bending stresses which, if acting alone, exceed 
the allowable bending stresses for flexural members. 

31 BOLTS AND RIVETS 

A. INTRODUCTION 

Connections using bolts and rivets are treated similarly
.  

Such connections can place the fasteners in direct shear, 
torsional shear, tension, or any combination of shear 
and tension. Theoretical methods based on elastic de-
sign can be used for design, and in some instances, pro- 
cedures based on ultimate strength concepts are avail-
able. 

A concentric connection is one for which the applied 
load passes through the centroid of the fastener group. 
If the load is not directed through the fastener group 
centroid, the connection is said to be an eccentric con-nection. 

At low loading, the distribution of forces among the 
fasteners is very non-uniform, since friction carries some 
of the load. However, at higher stresses (near yielding), 
the load is carried equally by all fasteners in the group. 

Allowable stresses in fasteners can be increased by 1/3 
for temporary exposure to wind and seismic loading. 

Stress concentration factors are not normally applied to 
connections with multiple redundancy. 

In many connection designs, materials with different 
strengths will be used. The material with the minimum 
strength is known as the critical part, and the critical 
part controls the design. 

The analysis presented here for connection design and 
analysis assumes static loading. Other provisions for 
fatigue loading are contained in the AISC Specifications, Appendix K. 

The allowable load on a fastener is determined by multi- 
plying its area by an allowable stress. 42  Except for rods 
with upset ends, the area is calculated simply from the 
fastener's nominal (unthreaded and undriven) dimen-
sion. 

D. ALLOWABLE CONNECTOR STRESSES 

Table 15.7 lists allowable stresses for tension and shear 
for common connector types. (Allowable bearing stress 
is covered elsewhere.) Reductions are required for use 
with oversized holes and connector patterns longer than 
50 inches. 

For fasteners made from approved steels, including 
A449, A572, and A588 alloys, the allowable tensile 
stress is Ft  = 0.33Fu , whether or not threads are in 
the shear plane. For bearing type connections using 
the same approved steels, the allowable shear stress is 
F.„= 0.17Fu  if threads are present in the shear plane, 
and F„ = 0.22F„ if threads are excluded from the shear 
plane (Table J3.2). 

41 For exact values, refer to Table J3.5 in the AISC Specifica-tions. 

42  The AISC Manual also contains tables of allowable loads for common connector types and materials. 

If fasteners are exposed to both tension and shear, AISC 

Specifications Table J3.3 should be used to determine 

the maximum tensile stress. 

For A325 and A490 bolts used in slip-critical connec-
tions with tension, the allowable shear stresses given in 
table 15.7 must be multiplied by a reduction factor. In 

equation 15.85, ft  is the average tensile stress in the 

bolt group, Ab is the nominal body area of the bolt, 

and Tb is the bolt pretension." 

reduction 	
(1 ft, rAb 	15.85 

factor 	 b 

A distinction is made between bearing and slip-critical 

connections. A bearing connection relies on the shearing 

resistance of the fasteners to resist loading. In effect, it 
is assumed that the fasteners are loose enough to allow 
the plates to slide slightly, bringing the fastener shank 
into contact with the hole. The area surrounding the 
hole goes into bearing, hence the name. Connections 
using rivets, welded studs, and A307 bolts are always 
bearing type connections. 

If the fasteners are constructed from high-strength steel, 

a high preload can be placed on the bolts. This preload 

43  This is based on AISC Specifications Table J3.2, which con-

tains greater detail. 

44  Minimum bolt tensions are given in AISC Specification Table 

.13.7. A325 and A490 bolts are required to be tightened to 0.7 of 

their tensile strength.  

E. CONCENTRIC TENSION CONNECTIONS 

The number of fasteners required ir the connection is 
determined by considering the fasteners in shear, the 
plate in bearing, and the effective net area of the plate 

in tension. 

Example 15.14 

Two x8 A36 plates are joined with a lap joint using 
3/4" grade 1 A502 rivets. Design the connection to 
carry a concentric load of 25 kips. Disregard effects of 

eccentricity. 

I 1 ; 

I ---0"- 

1 i 
I 

I 
I I 25 -0111- 

25 

-.41(--- 

25 

0 
0 

--31111"-  

25 

From table 15.7, the allowable shear stress is 17.5 ksi. 
So, the number of rivets determined by the shear stress 

criterion is 

M. WEB CRIPPLING AT POINTS OF LOADING 

The AISC Specifications contains provisions (K1) to 
determine if the web is capable of supporting the loads 
(concentrated or distributed) without experiencing web 
crippling. The equations ([K1-41 and [1(1-5]) deter-
mine the maximum load that can be applied before stiff-
eners are required. If stiffeners are provided and extend 
at least one-half the web depth, [K1-4] and [1(1-5] need not be checked. 

30 BENDING WITH AXIAL TENSION 

B. HOLE SPACING AND EDGE DISTANCES 

The minimum distance between centers of fastener holes 
is 8/3 times the nominal fastener diameter. In addition, 
along the longitudinal connection direction (along the 
line of applied force), the minimum distance between 
the centers of standard holes is given by equation 15.83. 
P is the force carried by one fastener in the connector 
group. t is the thickness of the critical (thinnest) part. 
(Section .13.8). 

2P d s - - 
Ft 2 	 15.83 - u   

The minimum distance from the hole center to the edge 
of a member is approximately 1.75 times the nominal 
diameter for sheared edges, and 1.25 times the nominal 
diameter for rolled or gas-cut edges, both rounded to the 
nearest 1/8" '(J3-9).41  Along the line of transmitted 
force, the distance, L a , from a hole center to the edge of 
the connected part (in the direction of force) shall not 
be less than specified by equation 15.84 ([J3-6]). 

2P 
Le

- 	 15.84  Fut 

For parts in contact, the maximum edge distance from 
the center of a fastener to the edge in contact is 12 times 
the plate thickness or 6", whichever is less (Section J3.10). 

C. STRESS AREA OF FASTENERS 

The area of a 3/4" rivet is 

1 
At, = -

4 
r(0.75) 2  = 0.442 in2  

25 
7L = 	  = 3.23 (shear criterion) 

(17.5)(0.442) 

The bearing area is 

Ap  = (0.75)(0.25) = 0.1875 in 2  

The allowable bearing stress is 

fp  = 1.5Fu  = (1.5)(58) = 87 ksi 

The number of rivets determined by bearing is 

25 
n = 	  

(87)(0.1875) 
= 1.53 (bearing criterion) 

Shear governs. 4 rivets are used. 



The minimum distance between holes is 

83 	„ 
Smin — X — = 2" 

3 4 

The longitudinal spacing is further limited by equation 
15.83. 

Smin 
(2)(25/4)  3/4 

 
(58)(1/4) -I- 2

-- 

= 1.24" 

Assuming sheared edges, the minimum edge spacing is 
1.75 x 3/4 1r. The first row cannot be closer to the 
short edge than 

(2)(25/4)  
Smin 	 — 0.86" 

(58)(1/4) 

Based on these requirements, a trial layout is made. 

F. TENSION EFFECTS DUE TO ECCENTRICITY 

Consider the simple framing connection shown in figure 
15.25. If the vertical shear is assumed to act along line 
A, the bolts in the column connection will be put into 
tension. The most highly-stressed (in tension) will be 
the top-most fasteners. 
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The clamped members will carry some of the applied 
load, since this varying load has to "uncompress" the 
members as well as lengthen the bolt. The net result is 
to reduce the variation of the bolt force. 45  

	

I 	2%" (> 1%") 

oar    
1 
1 	3" (> 2") 

(-1 	/-*N 

2 1h" 
1 

2 1/2" 
(> 1.24" > 2") 

Assuming a hole which is 1/16" larger than the nominal 
fastener diameter, each hole subtracts 13/16" from the 
net effective area in tension. The tension area across 
the first row of holes is 

13 

	

At  = (1/4) (8 — 2 x 	= 1.39 in2  
lb 

The maximum tensile stress on the net effective section 
is 

Ft  = 0.50Fu  = (0.50)(58) = 29 ksi 

The maximum allowable load based on the net effective 
section is 

P = (1.39 irt2)(29 ksi) = 40.3 kips (ok) 

Similarly, the maximum tensile stress in the gross sec-
tion is 

Ft  = 0.60Fy  = (0.60)(36) = 21.6 ksi 

The maximum allowable load based on the gross section 
is 

P 
 = (

1 
8 x in2) (21.6 ksi) = 43.2 kips (ok) 

	

___, tension 	 
f—  — — — — 1 

/ Tmax 	 I 	 I 1 0 0 1  
C 	/ 	 I 	 1 h 

1 0 0 I 

	

neutral axis 	1 
1 	 1 

	

A compression 	, 	i 	I 

Ir-71 

Figure 15.25 Tension in Simple Connections 

By summing moments about the neutral axis (for ten-
sion) of the fastener group, it is possible to determine 
the maximum tensile stress. The neutral axis is located 
approximately 1/6 or 1/7 up from the bottom of the 
connector group area, such that the area of bolts in 
tension equals the area of the support in compression. 
A few trials may be necessary to locate the neutral axis. 

Once the neutral axis is located, the moment of inertia 
of the fastener group is found by use of the parallel axis 
theorem. The applied moment is known: M = Pe. The 
stress in the fasteners farthest from the neutral axis is 

Mc Pec 

	

ft ' in" = 	= 	 15.86 

If necessary, the tensile force in the farthest fastener can 
be found. 

Tmax = ft,maxAbolt 	 15.87  

G. BOLT PRELOADING 

Preloading is an effective method of reducing the alter-
nating stress in bolted connections. The initial tension 
produces a larger mean stress, but the overall result 
may be to produce a satisfactory design. 

Consider the bolted connection shown in figure 15.26. 

The load varies from Pro in  to P.a.. If the bolt is initially 

snug but without initial tension, the force in the bolt 

also will vary from Pniin  to Pm„,. 

P max 

P min 

Figure 15.26 A Bolted Joint 

The stress in the bolt depends on the load carrying 
area of the bolt. It is convenient to define the spring 

constant of the bolt. The effects of the threads usually 
are ignored, so the area is based on the major (nominal) 

diameter. The grip, L, is the thickness of the parts 
being connected by the bolt. It is not the bolt length. 

15.88 holt =  

P 	AboltEbolt 	15.89 kbolt =  
Lboit 

lithe bolt is tightened so that there is an initial force, 
Ft, in addition to the applied load, the members being 
held together will be in compression. The amount of 
compression will vary since the applied load varies. 

Figure 15.27 A Bolted Joint with Preloading 

The spring constant for each of the bolted parts is some- 
what difficult to determine if the clamped area is not 
well defined. If the clamped parts are simply plates, it 
can be assumed that the bolt force spreads out to three 
times the bolt diameter. Of course, the hole diameter 

Epart 

needs to be considered in calculating the effective force 

area. If 	= Ebolt,  this larger area results in the 
parts being 8 times more stiff than the bolts. 

A artsEparts  
= P  parts 	 15.90 k  

L./parts 

If the clamped parts have different elasticities (E val-

ues), the composite spring constant can be found from 
equation 15.91. (If a "soft" washer or gasket is used, its 
spring constant may control equation 1,5.91.) 

`1  
1 
	= — + — — + • • • 	15.91 
kcomposite 	k1 	k2 	k3  

Both the bolt and the clamped parts share the applied 

load. 

kboltPapplied 	15.92 
Pbolt = 	L  

r.bolt 	kparts 

kpartsPapoied  _17 . 	 15.93 Is Pparts — 7- 	I ttibolt -r r.parts 

Of course, if the applied load varies, the forces in the 
bolt and the parts also will vary. In that case, analysis 
by a Goodman diagram is called for. 

For static loading, recommended amounts of preloading 
often are specified in terms of a percentage (e.g., 90%) of 
the tensile yield strength. The term proof strength (i.e., 

45 It is assumed that the initial tension, P, is greater than Pm . 

If the clamped members separate, the bolt once again carries the 

entire load. 



(a) clip to web 

(b) seated beam 

well. Since the connection is designed to rotate, the 
angle (for seated beams) should be checked for bending 

stress as its free lip bends. 

C. MOMENT-RESISTING (TYPE 1) FRAMING 

CONNECTIONS 

Moment resisting connections transmit their vertical 
(shearing) load through the same types of connections 
as type 2 connections, typically through connections at 
the beam web. However, the flanges of the beam are 
also rigidly connected to the column. These top and 
bottom flange connections are in tension and compres-
sion respectively, and serve to transmit the moment. 

Figure 15.30 Increasing Moment-Resisting Ability 

33 BOLTED AND RIVETED ECCENTRIC 
SHEAR CONNECTIONS 

A. INTRODUCTION 

15-32 
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32 FRAMING CONNECTIONS 

A. INTRODUCTION 

Three types of framing (beam-to-column, beam-to-
beam, etc.) connections are defined. 

• Type 1, rigid frame connections: These connec-
tions are intended to transmit moments from one 
member to another. Type 1 connections can be 
designed by both working stress and plastic design 
methods. 

• Type 2, simple framing connections: These con-
nections transmit vertical loads, but essentially no 
(i.e., less than 20%) moment transfer occurs. Gen-
erally, only working stress methods are used to de-
sign type 2 connections. 

• Type 3, semi-rigid connections: When the moment 
transfer across a connection is significant but not 
total (i.e., between 20% and 90%), the connection 
is semi-rigid. Plastic design is not used for type 3 
connections. Since it is difficult to determine the 
amount of moment transfer, type 3 connections are 
rarest. 

B. SIMPLE (TYPE 2) FRAMING CONNECTIONS 

Simple framing connections, also known as flexible con-nections, are designed to be as flexible as possible. De-
sign is fairly predetermined by use of the standard ta-
bles of framed beam connections in the AISC Manual. 
Construction methods include beam seats and clips to 
beam webs. Figure 15.28 illustrates several type 2 con-
nections. 

I 	I 
I 	I 

021■11rAPIII 

I 
O I  mia  0 

O 111 0 

0 	0 

Ire-4■IzAwg 

A 

; 

000  

Awry, 

0 
%AWL 

Mimi= 
O 0 0 
O 00 

Figure 15.28 Type 2 (Simple) Framing Connections 

Connections to beam and column can be either by bolt-
ing or welding, and such fastening methods can be used 
either on the beam or column." Welded connections, 
"stiffened" connections, and use of top seats do not nec-
essarily imply a moment-resisting connection. Coping, 
where used moderately, does not reduce the shear ca- 
pacity of members. 

Direct shear determines the number of bolts required 
in the column connection. It is common to neglect 
the effect of eccentricity in determining shear stresses 
in riveted and bolted beam connections to webs. It is 
also common to neglect the effect of eccentricity in de-
termining shear stresses in riveted and bolted column 
connections. However, this eccentricity can be consid-
ered, which will add tension stress to the shear stress in 
column fasteners. 

Angle thickness must be checked for allowable bearing 
pressure. Angles should be checked for direct shear, as 

Usually, the shop connection will be welded. The field con-
nection, however, can be either welded or bolted. 

Figure 15.29 Type 1 (Moment Resisting) 
Framing Connections 

Since moment transfer is through the flanges by ten-
sion and compression connections, design of such con-
nections involves ensuring adequate strength in tension 
and compression. Design of the shear transfer mecha-
nism (i.e., the web connections) is essentially the same 
as for type 2 connections. Also, in order to prevent lo-
calized buckling of the column flanges, horizontal stiff-

eners (between the column flanges) may be needed. 

The moment-resisting ability of a type 2 connection can 
be increased to essentially any desired value by increas-
ing the distance between the tension and compression 
connections. Figure 15.30 illustrates how this could be 
accomplished by using an intermediate plate between 
the beam flanges and column. The horizontal tensile 

and compressive forces, H, can be calculated from equa-

+-inn 1F Q4 

15.94 

An eccentric shear connection is illustrated in figure 

15.31. This type of connection gets its name from the 
tendency of the bracket to rotate around, the centroid 
of the fastener group, shearing the fasteners. The ten-
dency to rotate is resisted by the shear stress in the 
connectors. Friction is not assumed to contribute to 
the rotational resistance of the connection. 

Figure 15.31 Eccentric Shear Connection 

The moment tending to cause rotation is 

M = Pe 
	 15.95 

proof load divided by bolt area) can be used in place of 
tensile yield strength. For fatigue loading, the preload 
must be determined from an analysis of a Goodman 
diagram. 

Tightening of a tension bolt will induce a torsional 
stress in the bolt. Where the bolt is to be locked 
in place, the torsional stress can be removed without 
greatly affecting the preload by slightly backing off the 
bolt. If the bolt is subject to cyclic loading, the bolt 
probably will slip back by itself, and it is reasonable to 
neglect the effects of torsion in the bolt. 

More important than the effects of torsion are stress 
concentrations at the root. Although stress concentra-
tions frequently are neglected for static loading of duc-
tile connectors, there will be a significant reduction in 
the endurance limit for cyclic loading. Therefore, the 
alternating stress should be multiplied by an appropri-
ate factor (e.g., 2.0 to 4.0). 
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It is clear that the fasteners must resist this moment 
by shear. However, it is not clear how the shearing 
resistance is to be calculated. 47  Three methods are 
available: (1) the traditional elastic approach, (2) a 
reduced-eccentricity model, and (3) ultimate strength 
analysis. It is well known that the traditional elastic 
approach will greatly underestimate the capacity of (or, 
will overdesign) an eccentric shear connection. In some 
cases, the actual capacity may be as much as twice the 
capacity calculated from the elastic model. 

B. TRADITIONAL ELASTIC APPROACH 

The elastic approach uses traditional mechanics of ma-
terials concepts to determine the shearing stress in each 
fastener. This method starts by locating the centroid 
of the fastener group. For symmetrical (rectangular) 
fastener groups, this can usually be accomplished by 
inspection. Once the centroid is located, the polar mo-
ment of inertia (which resists the rotation) is calculated 
from the nominal fastener area and distance from the 
centroid to fastener. In equation 15.96, the summation 
is over all fasteners in the group. 

r?Ai  
15.96 

fv,y 

fv,x 

Figure 15.32 Fastener Group Analysis 

The shear stress in each member is calculated from the 
standard torsional stress equation: 

The shear stress in each member is directed perpendic-
ular to the line connecting the center of rotation and 
the fastener. This shear stress must be converted to x-
and y-components to be combined with the direct shear 
stress. If the distance, r, has been broken into x- and y-
components, it will be easy to calculate the components 
of shear. 

fux =. 	 15.98 

= fv Y 	 15.99 

The direct shear stress f„,d, is merely the load divided 
by the total area of all fasteners. 

fv d = 	 15.100 E 
Since the direct shear stress acts downward, and there is 
no x-component, the total stress in the critical fastener 
is 

fv,total = V(fv,d + fv>02  + 42),. 	15.101 

Example 15.15 

For the bracket shown, find the load on the most critical 
fastener. All fasteners have a nominal I n  diameter. 

2" 2" 

2 - 

1000 lbf 

Since the fastener group is symmetrical, the group cen- 
troid is centered within the 4 fasteners. This makes the 
eccentricity of the load 3". Each fastener is located r 
from the centroid, where 

r = V(1) 2  + (1) 2  = 1.414 

The polar moment of inertia is 
J = 4[0.1963(1.414) 21 = 1.570 in4  

The eccentric shear stress on each fastener is 

(1000)(3)(1.414)  
(1.570) 	— 2702 psi  

The x- and y-components of the shear stresses are 

fv'Y 
— — x 2702 = 1911 psi 
 2 

f„,x  -= 1911 psi 
The fasteners carry a direct vertical shear load of 
1000/4 = 250 pounds each. The vertical shear stress 
due to this load is 

250 
fv = 	— 1274 ,d  0.1963 

The two right fasteners have vertical downward compo-
nents of A m  which add to the vertical downward stress 
of 1274. Thus, both of the two right fasteners are criti-
cal. The total stress in each of these fasteners is 

= V(1911) 2  + (1911 + 1274) 2  = 3714 psi 

C. REDUCED ECCENTRICITY MODELS 

Since the elastic approach so greatly underestimates the 
capacity of eccentric shear connections, although not an 
AISC code requirement, it is logical to reduce the ec-
centricity when calculating the moment to be resisted. 48  
Equations 15.102 and 15.103 give reduced eccentricities 
known as effective lengths. Equation 15.102 is for use 
when there is only one vertical line of fasteners. Equa-
tion 15.103 is for the more common situation of two 
or more vertical lines of fasteners. n is the number of 
fasteners in one vertical line. 

1+ 2ni 
eeff — e 	 15.102 

4 	11 fastener line 

1 +n 
eeff — e  	 15.103 

2 12 or more fastener lines 

D. ULTIMATE STRENGTH ANALYSIS 

Design and analysis using ultimate strength is preferred 
over elastic methods. Several ultimate strength theories 
have been proposed. In practice, however, the applica-
tion of such theories involves more table look-up than 
theory. Most methods end up calculating the allowable 
load on a fastener group from the product of tabulated 
coefficients and allowable fastener loads. For example, 
in equation 15.104, F, is the allowable shear load on 
the fasteners, and C is a tabulated coefficient. 

P = CAF 	 15.104 

The ability to use equation 15.104 depends on having 
tables of C values for the fastener configuration and 
eccentricity needed. The AISC Manual contains such 
tables in Part 4, "Connections." 

48The allowable AISC loads on high-strength bolts is already 
high, and using reduced eccentricity models decreases the factor 
of safety below 2.6. Therefore, use of reduced eccentricity should 
be restricted to connections with rivets and low-strength bolts 
which have conservative allowable loads. 

34 WELDS 

The most widely-used weld type is the fillet weld shown 
in figure 15.33. The applied load is assumed to be car-
ried by the weld throat, which has an effective dimension 
of t e . 

Figure 15.33 Fillet Weld 

The effective weld throat size, t e , depends on the type 
of welding used. For hand-held manually shielded arc 
welding (SMAW) processes, 

te  = 0.707w 	 15.105 

If submerged arc welding (SAW) is used (Section J2.2), 

te  = 0.707w + 0.11 (w > 7/16") 	15.106 

te  = w (w 5_ 3/8") 	 15.107 

Weld sizes, w, of 3/16", 1/4", and 5/16" ,  are desirable 
because they can be made in a single paSS. 48  However, 
fillet welds from 3/16" to 1/2" can be made in 1/16" 
increments. For welds larger than 1/2", every 1/8" weld 
size can be made. 
Allowable shear stress on the weld fillet throat is (Table 

J2.5)50  
Ft, = 0.30F.,rod 	 15.108 

Shear stress in the base material may not be greater 
than 0.40F2 . For tensile loads, the allowable stress par- 
allel to the weld axis is the same as for the base metal: 

Ft  = 0.601'2 	 15.109 

To simplify analysis and design of certain types of 
welded connections, it is convenient to define the shear 

resistance per unit length of weld. Tensile resistances 
can be found similarly. 

49  The 5/16" limitation is appropriate for shielded metal arc 
weld (typically using hand-held rods). If a submerged arc process 
is used, up to 1/2" welds can be made in one pass. 

50  In almost all instances, loads are transmitted through welds 
by shear stresses, regardless of the weld group orientation. 

The critical fastener, typically the highest, right-most 
fastener, is the one whose vector sum of direct and ec-
centric shear stresses will be the largest. It is usually 
found by inspection. 

47  And, the AISC Manual does not require a particular method, either. 

The area of each fastener is Mrcritical  —  	 15.97 
Ai = 

4
-
1

r(0.5) 2  = 0.1963 



35 WELDED CONNECTIONS 

t. 	eFv,rod 	= te(0.30)Fu,rod = min 
wFv,member =w(0.40)Fy,memb 	

15.110
er 

The ultimate strength of a welding rod is part of the 
rod designation. Thus, Fu  for an E70 welding rod is 70 
ksi. The following rods are available: E60, E70, E80, 
E90, E100, and E110. 

Several special restrictions that apply to fillet welds are 
given here. 

• Minimum weld sizes depend on the thickness of the 
thickest of the two parts joined. 

Table 15.8 
Minimum Fillet Weld Size 

(all dimensions in inches) 

larger part 
thickness 	minimum w 
to inclusive 

8 

over -1  to 1 	3 
4 	 16 

over 	to 73/- 
4 

5 over 
16 

A. CONCENTRIC TENSION CONNECTIONS 

If the weld group centroid is in line with the applied 
load, the loading is concentric. Equation 15.111 can be 
used to design or evaluate the connection. 

jev P 	P  
Aweid 	Lweld te 	

15.111  

Example 15.16 

Two x8 plates (A36 steel) are lap welded using E70 
electrodes and a shielded arc process. Size the weld to 
carry a concentric tensile loading of 50 kips. 

Good design will weld both joining ends to the base 
plate. The total weld length will be 

Lweid 	(2)(8) = 16" 

This length meets the 5" minimum length specification. 

From table 15.8, the minimum weld thickness for a 
plate is 3/16". 

The required strength per inch of weld is 

50 
---- 3.125 kips/in 

From equation 15.110, 

Rvi  min 

 
• The maximum weld size along edges of connecting 

parts is equal to the edge thickness for materials 
less than -1- ll  thick. For materials thicker than 
the maximum size must be 14-6 " less than the ma-
terial thickness. 

• The minimum length weld for full strength analysis 
is 4 times the weld size. 51  

• If the required strength of a welded connection 
is less than would be obtained from a full-length 
weld of the smallest size, then an intermittent weld 
can be used. The minimum length of an intermit- 
tent weld is 4 times the weld size or 1i inches, 
whichever is greater. 

• The minimum weld length for lap joints (as illus- 
trated in figure 15.33) is 5 times the thinner plate's 
thickness, but not less than 1 inch. 

51 
1 If this criterion is not met, the weld size is downgraded to a. 

of the weld length. 

f ( 0 . 707)(3/16)(030)(70) = 2.78 
t (3/16)(0.40)(36) 	= 2.7 

Since Rio  < 3.125, a larger weld is needed. Try w = 
1/4". 

(. { 0 . 707)(1/4)(0.30)(70) = 3.71 (ok) Rio  = min 
( 0.25)(0.40)(36) 	= 3.6 	(ok) 

The maximum weld size allowed is 1" — 1/16" 7/16". 
The 1/4" weld can be used. 

B. MOMENT RESISTING CONNECTIONS 
The AISC Manual contains several procedures for de-
signing moment connections (both type 1 and type 3). 52  
These procedures assume top plate or end plate con-
struction to transmit moments. Split beam tee con-
struction, and the accompanying problem of prying ac-
tion stress, is not covered. 
52 See Moment Connections" in Part of the AISC Manual. 
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can be taken about a point on the line of action of either 
longitudinal weld, with the following results. 

P3 = T (1 — Ti 	— y) P2 
-2- 	 15.112 

P2 = RwL2 = RA 15.113 

Pi  .--- T — Pg — P3 15.114 

P1 T 
1,1 = — 15.115 

Rio  

P3 7  
.L3 = .7z-w- 15.116 

(a) top plate 
	

(b) end plate 

construction 
	 construction 

	 plate 
L1 

angle r 	P 1 

P2 

d/2 
center of gravity 	 f y  _ 	-J 

d= L2  

■•■•■•■■■ 

.1(■■ 

p3 	L3  

Figure 15.35 	A Balanced Weld Group 

D. COMBINING SHEAR AND BENDING STRESSES 

Figure 15.36 illustrates a case where a welded connec- 

(c) split beam tee 
construction 

tion must support both direct shear and a bending mo- 
ment. Even though the maximum shear and ,maximum 
bending moment do not actually occur at the same 

Figure 15.34 	Welded Moment Resisting Connections place, simplifying assumptions are made to combine the 
nominal stresses as vectors. 

C. BALANCING WELD GROUPS 

When tension is applied to an unsymmetrical member, 
the tensile force will act along a line passing through 
the centroid of the member. In that instance, it may be 
desirable to design a balanced weld, and have the force 
pass through the centroid of the weld group." Figure 
15.35 shows a tensile force being transmitted through a 
single angle. 

The procedure for designing the unequal weld lengths 
assumes that the end weld (if present) acts at full shear 
stress with a resultant passing through its mid-height 
(d/2 in figure 15.35). The forces in the other welds are 
assumed to act along the edges of the angle. Moments 

..v4t 

—V" 

Figure 15.36 

The nominal shear 

e 

is stress 

in Combined Bending and Shear 

15.117 = —
2Lte 

IP 

Welds 

53 AISC Specifications section J1.9 exempts single angles and 
double angles from the need to balance welds when loading is 
static. All other static loading configurations, and angles sub-
jected to fatigue, must have balanced welds. 

= A weld 
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The nominal bending stress is easily calculated if the 
section modulus of the weld group can be obtained from 
appendix C. 

Mc M Pe 
15.118 / S S 

The resultant stress is 

f-Vn+ 	15.119 

The resultant stress must be less than the allowable 
stress, as calculated from equation 15.108. 

The AISC Manual contains tables enabling the capacity 
of such eccentric loads to be calculated from a formula 
of the form in equation 15.120. 54  

P = CCiDl 	 15.120 

C and C1  are tabulated (AISC Tables XIX-XXVI) co-
efficients depending on the load configuration and elec-
trode type. D and I are functions of the weld group size 
and length. 

E. TORSION CONNECTIONS 

The complexity of the stress distribution in torsion con-
nections (such as are shown in figure 15.37) makes accu-
rate analysis and design based on pure mechanics prin-
ciples impossible. Therefore, simplifications are made 
and the assumed shear stress in the most critical loca-
tion is calculated. 

Figure 15.37 A Welded Torsion Connection 

The solution procedure (for both analysis and design) 
requires finding the centroid of the weld group. This 

54  See "Eccentric Loads on Weld Groups." This method is based 
on ultimate strength design concepts. As with bolted connections 
based on ultimate design, capacities much greater than would be 
expected from elastic analysis are obtained. 

centroid can be located in the normal manner, by 
weighting the weld's areas by the distances from an a s-
sumed axis. Alternatively, a weld can be treated as a 
line and its length used in place of the area. 

Once the centroid is located, the polar area moment of 
inertia is calculated. Calculating the polar moment of 
inertia is easiest if the coordinate moments of inertia are 
known. For the purpose of calculating the moment of 
inertia, the welds may also be treated as either areas or 
lines55  (Appendix C lists the polar moment of inertia 
for many common weld group configurations.) 

J=Ix-FIy 	 15.121 

The distance from the weld group centroid to the critical 
location in the weld group is then determined. This 
distance is used to calculate the torsional shear. 

Mr Per 
= J — = —J 	 15.122 

The direct shear is easily calculated from the total weld 
area (or length, if the throat size is not known). 

fv
' d = A 	 15.123  

Vector addition is used to combine the torsional and 
direct shear stresses. 

f= 	(.f v,y fv,d) 2 15.124 

Example 15.17 

A 50 ksi plate bracket is welded with E70 electrodes to 
the face of a 50 ksi column as shown. What size fillet 
weld is required? Neglect buckling and bending effects 
of the plate and column. 

lbf 

1 0" 

step 1: Assume the weld has thickness t. 

It 

step 2: Find the centroidal location of the weld 
group. By inspection, "gc  = 0. For the three 

welds, 
A 1  = 5t 

= 2.5 

A2 = 10t 

= 0 

A3 = 5t 

= 2.5 

5t(2.5) + 1040) + 5t(2.5)  
So, Y, — 	 — 1.25 

5t + 10t + 5t 

step 3: Determine the centroidal moment of inertia 
of the weld group about the x-axis. Use the 
parallel axis theorem for areas 1 and 3. 

410)3  + 2 [5(t)3 
/x  = 	 + 5t(5) 2] 

12 

= 333.33t + 0.833(t) 3  

Since t will be small (probably less than 
0.5"), the e term can be neglected. So, 

/x  = 333.33t. 

step 4: Determine the centroidal moment of inertia 
of the weld group about the y-axis. 

10(0 3  

12 
+ (100(1.25) 2  +2 N + (50(1.25) 21 

= 0.833t3  + 52.08t 52.08t 

step 5: The polar moment of inertia is 

J = 	Iy  = 333.33t + 52.08t = 385.4t 

step 6: By inspection, the maximum shear stress 
will occur at point a. 

r = A/(3.75) 2  + (5) 2  = 6.25  

a 

5.00 

3.75 

	I 

step 7: The applied moment is 

M -= (10,000)(12 + 3.75) = 157,500 in-lbf 

step 8: The torsional shear stress is 

	

Mr 	(157,500)(6.25) 	2554.2 , 

fv 	J 	385.4t 	t 	
ps1 

This shear stress is directed at right angles 
to the line r. The x- and y-components of 
the stress can be determined from geometry. 

a 

y  = (3.75 (2554.2 )  21532 :5 ,. 
t 

(5.00 (2554.2)  = 2043.4 

6.25) 	t 

step 9: The direct shear is 

10,000 500 
fv,d = 	 = — 

5t + 10t + 5t 	t 

step 10: The resultant shear stress at point a is 

(1532.5 + 500)
2 	2882.1  

t 

55 
In an analysis of a weld group, the throat size will be known, 

and welds can be treated as areas. In design, the throat size will 
be unknown, and it is common to treat the welds as lines. Alter-
natively, a variable weld size can be used and carried along in a 
design problem. However, the results will be essentially identical. 

step 11: For 50 ksi base metal, the weld strength 
controls the allowable stress. (See equation 
15.110.) The allowable stress is 

= 0.30F„ = (0.30)(70) = 21 ksi 



Figure 15.38 Typical Composite Construction 
with Plate Girder 

Analysis of composite steel-concrete beams is governed 
by AISC Chapter I. It is necessary to know the mod-
ulus of elasticity for the concrete and steel in order to 
calculate the modular ratio, n.56  

Es  
n 	 15.125 

For the purpose of calculating the moment of inertia, 
the effective width of the compression flange must be 
known. For interior girders with slabs extending on 
both sides, the effective width is (Section II)" 

 
min  { x 

 

=
girder length) 

girder spacing J 	15.126 

56  The ACI formula for secant modulus is used to calculate E. 

57 
Other rules apply to exterior girders with slabs extending to 

one side only. 
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bf  

The weld throat size is 

2882.1 
	 =0137" t - 
21,000 

step 12: The weld size (assuming shielded arc weld-
ing) is 

t 	0.137 w 	- 	  
0.707 	0.707 

= 0.194" (say 1/4") -  

Example 15.18 

Use appendix C to calculate the polar moment of inertia 
of the weld group in example 15.17. 

b = 5 

d = 10 

J 	[  (8)(5) 3  + (6)(5)(10) 2  + (10) 3 	(5)4 	
t 12 	 (2)(5) + 10 

= 385.42t 

(Example 15.17 calculated the moment of inertia to be 
385.4t.) 

Example 15.19 

Use the AISC Manual "Eccentric Loads on Weld 
Groups" tables to calculate the capacity of the weld 
group designed in example 15.17. 

For a 1/4" weld and E70 electrodes, the following coef-
ficients are needed. 

1= 10" 

5 
k = = 0.5 

10 
12 + 3.75 a= 	

10 	
= 1.575 

C = 0.419 (interpolated) 

= 1 (for E70 electrodes) 
1 

D 	= 4 
-17 

From equation 15.120, the capacity of the connection is 

P = CC1 .D1= (0.419)(1)(4)(10) = 16.76 kips 

36 COMPOSITE CONSTRUCTION 

Composite construction usually means that a concrete 
slab is bonded to steel girders below. Although there 
are varying degrees of composite action, the concrete 

Appendix A: Steel Used for Buildings and Bridges 

Fy  
minimum 

	

grade 	yield 

ASTM 	(if 	stress 

	

designation any) 	(ksi) 

Fu  
tensile 

strength 
(ksi) 

maximum 
thickness 
for plates 

(in.) use 

A36 32 
36 

58-80 
58-80 

over 8 
to 8 

general structural purpOses; 
bolted and welded, mainly for 
buildings 

A53 	A 
B  

30 
35 

48 
60 

welded and seamless pipe 

A242 42 
46 
50 

63 
67 
70 

over 1 1  to 4 2 	, 
over I to 11 

to i 

welded and bolted bridge 
construction where corrosion 
resistance is desired; essentially 
superseded by A709, grade 50W 

A440 42 
46 
50 

63 
67 
70 

over 1 1  to 4 2 
over 24- to 11 

to 2  4 

bolted construction; essentially 
superseded by A572 for buildings 
and A709 for bridges 

A441 40 
42 
46 
50 

60 
63 
67 
70 

over 4 to 8 
over 11 to 4 
over 24  to 11- 

to 1 

welded construction; largely 
superseded by A572 for buildings 
and A709 for bridges 

A500 	A 
B 
C 

A 
B 
C  

A501 

33 
42 
46 

39 
46 
50 
36 

45 
58 
62 

45 
58 
62 

58 

round 

shaped 

cold-formed welded and seamless 
round and shaped tubing for 
general structural purposes 

, 
.,/ 

hot-formed welded and seamless 
round and shaped tubing 
for general structural purposes 

A514 90 
100 

100-130 over 2 1  to 6 2 
110-130 	to 21 

alloy steel plates for welded 
construction; superseded by A709 
for bridges 

A529 42 60-85 	to 1  2 
pre-engineered rigid frames 

A570 	A 
B 
C 
D 
E  

25 
30 
33 
40 
42 

45 
49 
52 
55 
58 

cold-formed sections 

A572 	42 
50 
60 
65 

42 
50 
60 
65 

60 
65 
75 
80 

to 6 
to 2 

to 1 1  4 
to 1 1  4 

welded and bolted construction 
for buildings; welded bridges 
in grades 42, and 50 only; 
essentially superseded by A709, 
grade 50 for bridges 

usually becomes the compression "flange" of the coin-
posite beam, and the steel carries tension. 

The degree to which the concrete-steel combination 
acts compositely depends on the shoring used during 
construction. If the steel is erected and concrete is 
poured without temporary shoring (i.e., construction is 
unshored), the combination acts compositely to carry 
only loads applied subsequent to concrete curing. If 
the steel is erected and a snug shore is put into place 
at that time, before the concrete is poured (i.e., partial 
shoring), the combination acts compositely to carry the 
concrete weight as well as live loads. 

In fully shored construction, a temporary support car-
ries the steel and concrete weights both until the con-
crete has cured. When the shore is removed, the beam 
acts compositely to carry the steel and concrete weights 
in addition to live loads applied later. 

be  

o 	 •". t 	"•■ 1  • 	
•• 	 • 	 • 	

" • .; tslab
•  
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Appendix B: Properties of Structural Steel 
at High Temperatures 

ultimate 
yield strength 	tensile 

type of temperature 0.2% offset strength 
steel ( °F) (ksi) (ksi) 

/ 

ASTM A36 80 36.0 64.0 i 

300 30.2 64.0 / 

500 27.8 63.8 
700 25.4 57.0 
900 21.5 44.0 

1100 16.3 25.2 
1300 7.7 9.0 

ASTM A242 80 54.1 81.3 
200 50.8 76.2 
400 47.6 76.4 
600 41.1 81.3 
800 39.9 76.4 

1000 35.2 52.8 
1200 20.6 27.6 

ASTM A588 80 58.6 78.5 
200 57.3 79.5 
400 50.4 74.8 
600 42.5 77.7 
800 37.6 70.7 

1000 32.6 46.4 
1200 17.9 23.3 

15-43 
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Ft, 
minimum 	Fu 	maximum 

grade 	yield 	tensile 	thickness 
 (if 	stress 	strength 	for plates 

designation 	any) 	(ksi) 	(ksi) 	(in.) 	use 
A588 42 

46 
50 

63 
67 
70 

over 5 to 8 
over 4 to 5 

to 4 

weathering steel for welded 
and bolted construction; essentially 
superseded by A709, grade 50W 
for bridges 

A606 45 
50 

65 
70 (hot-rolled 

cut lengths 
only) 

hot- and cold-rolled sheet 
and strip steel available in 
coils or cut lengths, used for 
cold-formed sections 

A607 45 
50 
55 
60 
65 
70 

45 
50 
55 
60 
65 
70 

60 
65 
70 
75 
80 
85 

hot-rolled and cold-rolled 
sheet and strip steel in coils 
or cut lengths, used in cold-
formed sections 

A611 A 
B 
C 
D 
E 

25 
30 
33 
40 
80 

42 
45 
48 
52 
82 

cold-rolled sheet steel 
for cold-formed sections 

A618 I 
II 
III 

50 
50 
50 

70 
70 
65 

hot-formed welded and seamless 
tubing for general structural 
purposes 

A709 36 

50 
50W 
100 

& 100W 
100 

& 100W 

32 
36 
50 
50 

90 	100-130 

100 	110-130 

58 	over 8 
58-80 	to 8 

65 	to 2 
70 	to 4 

over 21 to 4 

to 21 

bridge construction: grade 36 
is approximately the same as A36; 
grade 50 as A441; grade 50W as 
A588; and grade 100 as A514 



15-44 	
CIVIL ENGINEERING REFERENCE MANUAL 

Appendix C: Properties of Welds Treated as Lines 

section 	polar moment weld 	 centroid 	modulus 	of inertia configuration 	location 	S-,--- l'e,x/y
=  j 	ic,x +/c ,y  

d 	d2 d3  1 	c 	 Y = -2 	
_ 
6 	 12 

h 

d  1 	c 	 V = —
2 	

d2 	d(3b2  + d2 ) _ 

STEEL DESIGN AND ANALYSIS 

Appendix D: The Moment Gradient Multiplier 

If a concentrated load is applied to a beam at a point of lateral support, there will be 
less tendency for the beam to buckle than if the load is applied between points of lateral 
support. 	The moment gradient multiplier, Cb, is an optional refinement that accounts 
for the less-critical conditions. 	The moment gradient multiplier increases the maximum 

, 

allowable spacing between supports, L. 	Cb varies between 1.0 and 2.3 (its maximum).  
Conservative designs use Cb = 1.0. 	

t 

Cb = 1.75 + 1.05 PM  ) + 0.3 (.111-1-)
2 
 [F1.3] 

3 	 6 

b  4 
d—  i T 	c 	 d 

Y = -2 	bd 	b(3d2  + b2) 

M2 	M2 

M1 is the absolute value of the smaller moment at the ends of an unbraced beam section. 
M2 is the absolute value of the larger moment at the opposite end of the unbraced section. 
The quantity (M1  /M2 ) is negative for simple bending (i.e., single curvature) and positive if 

	

* t 7 	 -x 	 6 

4bd + d2 	(b + dr -g = 	 - 6b2  d2  

	

Y 	rt- 	Ile 	 2(b ± d) 	6 	 12(b + d) 

the moment line goes through zero within the span (i.e., reverse curvature). 

If the moment on a section of beam is maximum between the points of lateral support, 

h-b--1 	 b2 
Y = 

2(b + d)  

-1 7  
d i 	b 	 b2  d2 	8b3 8b3  

i 	 X 	 X 	 X 

Y = 	 bd 	 + 6bd2  + d3 	b4  + 2b + d 	6 	 12 	_ 2b + d 

d2 	2bd + d2 	b3  + 6b2d+ 8d3 	d4  V = 

x = points of lateral support 

• 

b + 2d 	3 	 12 	2d + b 

1....1 

3 	 (b + d)3  bd + c-1-2- 

C b > 1 Cb  -- 1 Cb  > 1 

3 	 6 
moment diagram 

b 

d2 	2bd + d2 	! t3 	d4 v = v 	 _ b + 2d 	3 	12 	 Figure 15.39 	Moment Gradient Multiplier b + 2d 

In evaluating Fb for use with beam columns (equation 15.49 or [H1-1]), Cb =1 is used when 

	

b 	 joint translation is prohibited. When joint translation is possible, calculate Cb according to 

	

II I 	 bd + —d2 	b3  + 3bd2  + d3 	 the equation given. 

3 	 6 
1 	

-'' 	-_ ;:‘:'-'ic:14  
, 	 _ 	 .. 

, 	 71T 
2 	

2717  

15-45 



15-46 	 CIVIL ENGINEERING REFERENCE MANUAL 	 STEEL DESIGN AND ANALYSIS 	 15-47 

Practice Problems: STEEL DESIGN 

Untimed  

1. A 25 foot long beam is simply supported at its left 
end and 7 feet from its right end. A load of 3000 
pounds per foot is uniformly distributed over its entire 
length. Lateral support is provided only at the reac-
tions. Choose an economical W shape for this appli-
cation. Use A36 steel. 

2. Select the lightest W section of A36 steel to serve 
as a main member 30 feet long and to carry an axial 
load of 160,000 pounds. The member is pinned at its 
top and bottom. It is supported at mid-height in its 
weak direction. The member is vertical. 

3. Determine the stresses in bolts A, B, C, and D. All 
connectors are 3/4" bolts. (a) Use a traditional elastic 
approach. (b) Use AISC tables. 

6 @ 3" 

5. Design the interior columns of the frame shown. 
Columns are braced continuously in the plane per-
pendicular to the frame. Girders are W12 x 96. 
Use A36 steel. Left-to-right sidesway is un-
inhibited. 

40' 	 40' 	 40' 

6. Design a plate eyebar to carry a static tensile load 
of 300,000 pounds. Use A36 steel. 

7. Determine the tensile capacity of the connection shown. 
A325, 7/8" diameter bolts are used. All holes are punched. 
The steel is grade 50. The connection is a friction type with 
no threads in the shear plane. 

/ 5/8" PL 

6" 101. 	
10 0 

1 00 

8. Select an A36 W shape with lateral support at 51/2 
foot intervals to span 20 feet and carry a uniformly 
distributed load of 1000 lb/ft. The load includes a uni-
form dead load allowance of 40 lb/ft. Limit the maxi-
mum deflection to (L/240). 

9. Select an economical A36 W shape (completely lat-
erally braced) to span 24 feet such that the maximum 
deflection is (L/300). The span carries a uniformly dis-
tributed load of 800 lb/ft over its entire length. This 
load does not include the dead weight of the beam. 

10. A 16 foot column is acted upon by an axial 
gravity load of 17,000 lb and a uniform wind 
load of w lb/ft. The W12 x 58 column is made 
of A 441 steel. The lower end is built in. The 
upper end is not supported in the weak direction. 

(a) Find the required spacing of lateral bracing 
for the maximum lateral (uniform) 	loading. 

(b) Find the maximum lateral (uniform) loading 
allowed with the spacing calculated in part (a). 

w lbs/ft 

Timed  

1. The steel beam shown carries 1.4 kips/ft over its 
entire span. Assume lateral bracing only at the reac-
tion points. (a) Draw shear and moment diagrams. 
(b) Choose the lightest W18 beam assuming A36 steel 
is used. (c) If the beam you chose in part (b) is con-
structed of 42 ksi steel, what is the maximum un-
braced length? 

1.4 kips/ft 

	

20' 	20' 	5' 

	

1 	1 	1 	1 	1 	1 	1_ 	1 	1 	1 	1 	1 	1 	1 	1 	1 	1 	1 

	

t A 	 7/11113 t C 	 D t 

hinge 

2. A column carries 525 kips. The beams framing 
into it apply a moment of 225 ft-kips. (a) If the 
column is W14 x 82 (50 ksi steel) and the beams 
are W14 x 53 (50 ksi), determine if the column 
is adequate. (b) If the design is inadequate, spe-
cify an acceptable W14 (50 ksi) column. Bracing 
in the weak axis is provided and bending is about 
the strong axis only. 

525 kips 

36' 	A 	11110" 	36' 

beam end 
\-------' 	

beam end 
is supported 	 225 ft-kips is supported 

unit is braced 
against sidesway 	, 	17'6" 

3. Two angles are welded to an intermediate wide-
flange section which is bolted to a column. (a) Using 
the maximum weld size permitted, design the weld 
between the angles and the intermediate section. 
Use E70 electrodes. The design should also specify 
the weld locations. (b) Determine if the bolts are 
adequate in quantity and location. No threads are 
in the shear plane. 

4. A column of 20 feet high is constructed from 
a channel and a wide flange beam as shown. The 
column is constrained against bending in the 
x-plane by bracing at the 10 foot point on the 
column. Both ends are pinned and free to rotate. 
Determine the buckling load. 

C 15 x 50 
A36 

VV 18 x 11 
A36 

5. The truss shown is constructed of a variety of mem-
bers, all of which are assumed to be pin-ended. Use 

4. Determine the size of the fillet weld required to con-
nect the plate bracket to the column face. The steel is 
A36. The electrodes used are E70XX. 

	

275 k 	 275 k 	 275 k 	 275 k 

	1' 	'11 	 1' 
x 

21'i 1-rfl-- I 



12' 

25' 

15 ,1 40 

rut 
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the latest AISC code to determine if all members are 
adequate. If members are not adequate, specify re-
placements with the same nominal depth. 

top and bottom chords: W8 X 28 (A36) 
diagonal bracing: 	L31/2 X 31/2  X 5A 6  (pair) 
vertical members: 	L4 X 4 X 3/8 (pair) 

20 k each 

1H` 

R   RR  

6. Two equal loads remain 3 apart as they move across a 
40' span. The beam is constructed from a W shape and a 
C shape as shown. Sufficient lateral support is provided. 
(a) Find the maximum allowable load, P. Consider only 
beam bending and shear stresses. Do not consider fatigue 
or impact. (b) If the weld is intermittent, what spacing is 
required using the minimum fillet size? (c) Do the loads 
computed in part (a) satisfy the AISC specification for web 
crippling? 

P 	P 

3 ' 

40' 

C 15 x 33.9 (A36) 	limminiin  

E70 welds 

W 18 x 119 (A36) 

7. A bridge is to be supported by a plate girder. Loads are 
resisted by composite action. The bridge is 80 feet long. It 
will not be braced during construction. Flange support will 
be provided at 20 foot intervals. Consider a moving 40 kip 
load and a 1 kip/ft dead load (includes the concrete). 
Determine if the plate girder (assumed to be simply sup-
ported at its ends) is adequate. Use n = 10. Disregard 
impact. Use f'c = 3000 psi concrete. 

80" effective width 

embedded she 
---":-"•. -;-P ...-/ 

i_concrete bridge 	 E 

connector 

A36-5/8 x 14 	 T-1 7  
A36-5/16 x 40 

A607-314 x 16—grade 60 

8. Design column CD as a minimum-size wide flange 
member per Chapter N of the AISC Manual. Assume 
continuous lateral support of the column. All loads shown 
are ultimate. 

9. A tall column in an industrial storage building 
carries the loads shown. The lateral wind loads are 
carried into a braced frame. The column is braced 
in its weak direction by a strut 24' from the bottom 
hinged end. (a) Design an economical W24 section 
based on stress and deflection. (b) Size the base 
plate based on axial loading only. Assume 3000 
psi concrete is used for the resting support. 

10. A plate girder spans 40 feet and is constructed 
with 3/8" A36 steel. The flange is 16" wide, and the web 
is 48" deep. A uniform but unknown load is carried 
across the girder's entire length, which is simply sup-
ported at both ends. (a) Based on shear consider-
ation only, determine the maximum uniform load (in 
kips/ft) that the beam can carry. (b) Design the web 
stiffeners located 4 feet from the supports. 


